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ASCE Petrochemical Energy Committee

This publication is one of five state-of-the-practice engineering reports produced, to date, by the
ASCE Petrochemical Energy Committee. These engineering reports are intended to be a summary of
current engineering knowledge and design practice, and present guidelines for the design of
petrochemical facilities. They represent a consensus opinion of task committee members active in
their development. These five ASCE engineering reports are:

1) Design of Anchor Bolts in Petrochemical Facilities

2) Design of Blast Resistant Buildings in Petrochemical Facilities

3) Design of Secondary Containment in Petrochemical Facilities

4) Guidelines for Seismic Evaluation and Design of Petrochemical Facilities

5) Wind Loads for Petrochemical and Other Industrial Facilities

The ASCE Petrochemical Energy Committee was organized by A. K. Gupta in 1991 and mitially
chaired by Curley Turner. Under their leadership the five task committees were formed. More
recently, the Committee has been chaired by Joseph A. Bohinsky and Frank J. Hsiu. The five
reports were initially published in 1997.

Buildings codes and standards have changed significantly since the publication of these five reports,
specifically in the calculation of wind and seismic loads and analysis procedures for anchorage
design. Additionally, new research in these areas and in blast resistant design has provided
opportunities for improvement of the recommended guidelines. The ASCE has determined the need
to update four of the original reports and publish new editions, based on the latest research and for
consistency with current building codes and standards.

The ASCE Petrochemical Energy Committee was reorganized by Magdy H. Hanna in 2005 and the
following four task committees were formed to update their respective reports:
¢ Task Committee on Anchor Bolt Design for Petrochemical Facilities
Task Committee on Blast Design for Petrochemical Facilities
Task Committee on Seismic Evaluation and Design for Petrochemical Facilities
Task Committee for Wind Load Design for Petrochemical Facilities

Current ASCE Petrochemical Energy Committee

Magdy H. Jacobs Engineering -
Hanna Chairman

William Bounds Fluor Corporation
John Falcon Jacobs Engmneering
Marc L.

. Louisiana State University
Levitan

Greg J. Soules CB&I



The ASCE Task Committee on Blast-Resistant Design

This report was prepared to provide guidance in the blast resistant design of petrochemical facilities.
Though the makeup of the committee and the writing of this document are directed at petrochemical
facilities, these guidelines are applicable to similar design situations in other industries. Those
interested in this report should include structural design engineers with dynamic design training and
experience as well as operating company personnel responsible to establish internal design and
construction practices. The task committee was established because of a significant interest in the
petrochemical industry in dealing with costly process accidents, in interpreting government safety
standards, and in the desire to protect employees. One purpose of this report is to help provide
some uniformity to the current mix of internal and published criteria.

This report is intended to be a State-of-the-Practice set of guidelines. The recommendations
provided are based on published nformation and actual design. The report includes a list of
references to provide additional information. The reference list emphasizes an emphasis on readily
available commercial publications and government reports. Because of their relevance to this report,
several publications deserve mention here. Two widely used documents dealing generally with blast
resistant design are UFC 3-340-02 (formerly TM5-1300),  Structures to Resist the Effects of
Accidental Explosions from the Department of Defense and PDC-TR 06-08,  Single Degree of
Freedom Structural Response Limits for Antiterrorism Design , from the US Army Corps of
Engineers’ Protective Design Center.

In helping to create a consensus set of guidelines, a number of individual and groups provided
valuable assistance and review. Reviewers included David Miller and Kieran Glynn. Assistance was
also contributed by John Geigel, Anthony Emmons, and Sheng Wu.

Finally, the task committee would like to acknowledge the numerous contributions made to this task
committee, the original report committee, and other technical committees over the years by James
Lee. James passed away during the preparation of this report update.



The ASCE Task Committee on Blast-Resistant Design

William L. Bounds, P.E.
Fluor
chairman

Darrell D. Barker, P.E.
ABS Consulting

co-chairman
Charles Baldwin, P.E. Saudi Aramco
Lee Bookout Lee Bookout Sales
Tony Dover, P.E, G.E. Geosyntec Consultants
Lynn Efferson Hunter Buildings
Kwochang Fong, P.E. URS Corporation
Javier A. Garza, PE. Shell Global Solutions

Sauren Guha-Majumdar, Ph.D., P.E. Jacobs Engineering

James Hu, P.E. Jacobs Engineering

Paul Jacob, Eng.D., P.E. MMI Engineering

Song Jan, Ph.D., P.E. Bechtel Corp

David Kerins, P.E. ExxonMobil Research & Engineering Co.
Samuel Lavergne Hunter Buildings

James Lee KBR

Guzhao Li, Ph.D., P.E., S.E. MMI Engineering

Rudy Mulia, P.E., S.E. Chevron Energy & Technology Co.

Charles Oswald, Ph.D., P.E. Protection Engineering Consultants



Walter Sawruk, P.E.

Larry W. Schulze, P.E.
Gary Scroggs
Alan Shive, Ph.D., P.E.

Jeffrey Stokes, P.E.

Paul B. Summers, P.E., S.E.

Chengjie Wang, P.E.

Jim Wesevich, P.E., S.E.

ABS Consulting

Dow Chemical Co.
MB Industries

Fluor

Dupont Engineering
MMI Engineering
Mustang Engineering

BakerRisk



Table of Contents

Copyright

Chapter 1: Introduction

1.1  Background

1.2 Purpose and Scope

1.3 Related Industry Guidelines, Specifications, & Codes
1.4 Blast Resistant Design Process

Chapter 2: General Considerations

2.1  Introduction

2.2 OSHA Requirements

2.3 Objectives of Blast Resistant Design

2.4 _ Buildings Requiring Blast Resistant Design
2.5 _Siting Considerations

2.6 Offshore Facilities

2.7 Non-Building Structures, Equipment, & Infrastructure

Chapter 3: Determination of Loads

3.1 Introduction

3.2 Types of Explosions

3.3 Blast Wave Parameters

3.4  Determination of Vapor Cloud Design Overpressures

3.5 Building Blast [.oading
3.6 Computational Fluid Dynamics

Appendix 3 Blast Load Example

Chapter 4: Types of Construction

4.1 Introduction
4.2  General Considerations

4.3 Common Systems for Petrochemical Buildings

4.4 _ Blast Resistant Modular Steel-Framed Buildings
4.5  Other Systems

Chapter 5: Dvnamic M aterial Strength and Response Criteria

5.1 Introduction

5.2 Static Versus Dynamic Response

5.3 Resistance-Deflection Function

5.4  Material and Structural Element Types
5.5 Dynamic Material Properties

5.6 Deformation Limits

Appendix 5.A Summary Tables for Dynamic Material Strength




Appendix 5.B Summary Tables for Response Criteria

Chapter 6: Dvnamic Analysis M ethods

6.1  Introduction

6.2 Key Concepts

6.3 Equivalent Static Method

6.4 Single Degree of Freedom Systems
6.5 Multi-Degree of Freedom Systems
6.6 Applications

Appendix 6 Numerical Integration Method

Chapter 7: Design Procedures

7.1 Introduction

7.2 General Design Concepts
7.3 Member Design Process

7.4  Reinforced Concrete Design
7.5  Steel Design

7.6 Reinforced Masonry Design

7.7 __Foundation Design
7.8  Design Against Projectiles

Chapter 8: Typical Details

8.1 Introduction

8.2 General Considerations

8.3  Enhanced Pre-Engneered Metal Building Construction
8.4  Masonry Wall Construction

8.5 Metal Clad Construction

8.6 Precast Concrete Wall Construction

8.7  Cast-in-Place Concrete Wall Construction

Chapter 9: Ancillary and Architectural Considerations

9.1 Introduction

9.2  General Considerations

9.3 Doors

9.4  Windows

9.5 _ Utility Openings

9.6 Interior Design Considerations
9.7  Exterior Considerations

Chapter 10: Evaluation and Upgrade of Existing Buildings

10.1 Introduction

10.2 Evaluation Strategies

10.3 Blast Resistant Upgrade Options

10.4 Upgrades for Structural Member Connections




10.5 Upgrades for Structural Framing Members

10.6 Upgrades for Metal Panel Wall and Roof Systems

10.7 Upgrades for Concrete Masonry (CMU) & Concrete Walls
10.8 Upgrade with Blast Resistant Shield Wall

10.9 Upgrades for Roof Systems

10.10 Wall and Roof Catch System Upgrades

10.11 Blast Resistant Shell Upgrades

10.12 Window Upgrades

10.13 Door Upgrades

Chapter 11: Shear Wall Building Design Example

11.1 Introduction

11.2  Structural System

11.3 Design Data

11.4 Exterior Walls (out-of-plane loads)
11.5 Roof Slab (in-plane loads)
11.6 Side Wall (in-plane loads)
11.7 Roof Slab (out-of-plane loads)
11.8 RoofBeams

11.9 Roof Beam Connection

11.10 Roof Girders

11.11 Roof Girder Connection

11.12 Columns

11.13 Column Base Plate and Anchor Bolt Design
11.14 Foundation

Chapter 12: Metal Building Design Example

12.1 Introduction

12.2 Structural System
12.3  Design Data

12.4 Roof Decking
12.5 Wall Panels

12.6 RoofPurlins

12.7 Wall Girts

12.8 Rigid Frames
12.9 Braced Frames
12.10 Foundation

Chapter 13: Masonry Retrofit Design Example

13.1 Introduction

13.2  Structural System

13.3 Design Data

13.4 Existing Wall Evaluation

13.5 Option #1: Reinforce Existing Wall

13.6 Option #2: New Reinforced Concrete Wall




13.7 Conclusion

Nomenclature
Glossary
References

Index



CHAPTER 1
INTRODUCTION

The focus of this report is on structural aspects of designing or evaluating buildings for blast
resistance. Generally this involves quantifying the blast overpressures that could result from accidental
explosions, establishing the design blast loads from these overpressures, setting the structural
performance requirements, and designing the building structure to withstand these loads within the
required performance limits. For existing buildings a similar approach may be adopted. The
performance of'the structure is checked against structural performance limits.

Blast resistant design, or the structural strengthening of buildings, is one of the measures an
owner may employ to minimize the risk to people and facilities from the hazards of accidental
explosions in a plant. Other mitigative or preventive measures, including siting (adequate spacing
from potential explosion hazards) and hazard reduction (inventory and process controls, occupancy
limitations, etc.), are not covered in this report.



1.1 BACKGROUND

Process plants in the petrochemical industry handle hydrocarbons and other fuels that can and
have produced accidental explosions. Plants are designed to minimize the occurrence of such
incidents. Although such incidents may be relatively rare, when they do occur the consequences can
be extremely severe involving personnel casualty and financial loss and potentially impacting public
safety. In some instances the consequences have involved plant buildings. For example, the 1989
explosion in Pasadena, Texas, occurred during mantenance ofa polyethyene unit and included the
collapse ofa control building. Losses included 23 fatalities and 120 injured. The 2005 explosion in
Texas City, Texas, occurred during the restart of a isomerization unit and included the destruction of
trailers used as temporary offices. Losses included 15 fatalities and 170 injured. Other recent
petrochemical plant explosions have resulted in a significant number of fatalities from the severe
damage or collapse of buildings. The concentration of such fatalities in buildings points to the need to
design plant buildings to withstand explosion effects in order to protect the people inside so that, at
least, the building does not pose an added hazard to the occupants. In addition to personnel safety,
some companies in the industry also consider blast resistance for certain critical buildings such as
control centers, even if unoccupied, to minimize the impact of accidental explosions on plant
operation.

For buildings, usually the overpressure from the blast wave is the most damaging feature of an
accidental explosion in a process plant. However, n addition to the air blast effects, such incidents
can result in fires, projectiles and ground transmitted shocks that also can be damaging to buildings
and their contents.

Historically, blast resistant design technology in the petrochemical mdustry has evolved from
equivalent static loads and conventional static design methods (Bradford and Culbertson), to
simplified dynamic design methods that take mto  account dynamic characteristics and ductility of
structural components, and based on TNT equivalent blast loading (Forbes 1982), and finally to
more complex and rational methods nvolving vapor cloud explosion models to characterize the blast
loading and nonlinear multi-degree of freedom dynamic models to analyze the building structure.
Current practices within the industry appear to cover all these approaches. This report is intended to
provide guidelines on the various methods available for the structural design of blast resistant
buildings in petroleum and chemical process plants.
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1.2 PURPOSE AND SCOPE

The purpose of this ASCE report is to provide a guide to design engineers and others in the
petrochemical industry nvolved in the design of new blast resistant buildings and in evaluating existing
buildings for blast resistance. It provides the basic considerations, principles, procedures and details
mvolved in structural design and evaluation of buildings for blast overpressure effects.

This report focuses primarily on “how to” design or evaluate buildings for blast resistance once
the blast loading is defined for a postulated explosion scenario. Chapter 2 discusses the basic
philosophy and general considerations involved in establishing design requirements for blast
resistance in buildings to resist the effects of accidental explosions in petrochemical processing plants.
Chapter 3 describes the types of explosions that may occur and the general characteristics of the
resulting blast load, but does not prescribe magnitudes for design. The chapter provides a brief
review of the approaches used in the industry to quantify blast loads for design purposes and gives
typical examples of such loads. In  Chapter 4 the types of building construction appropriate for
various levels of blast resistance are discussed. The dynamic ultimate strength design criteria,
including the dynamic material properties and deformation limits applicable to blast resistant design
are covered in Chapter 5.

The methods and procedures for blast resistant design can vary considerably in complexity,
accuracy, cost and efficiency from simple conventional static design approach to complex transient
nonlinear, multi-degree of freedom dynamic design methods. To assist engineers in striking a balance
among these, Chapter 6 provides a discussion of the various blast resistant analysis methods,
identifying the main features, advantages and disadvantages of each method. Chapter 7 outlines
recommended procedures and provides aids for the design of the various components of reinforced
concrete, reinforced masonry and structural steel buildings. Chapter 8 provides some typical
structural details for doors and frames, wall penetrations, and connections for steel and reinforced
concrete components. Blast protection considerations for non-structural items such as interior details,
windows, openings, and HVAC ducts are covered n =~ Chapter 9. Chapter 10 gives guidance on
strategies for evaluating the blast resistance of existing buildings and provides practical measures for
upgrading masonry and metal buildings, the most common types of building construction for plants in
the petrochemical industry. Design examples are provided in Chapters 11 to 13 to illustrate the use
of these procedures and tools in the design of typical buildings for blast resistance.




1.3 RELATED INDUSTRY GUIDELINES, SPECIFICATIONS, & CODES

Currently, there are no specific industry standards or guidelines for blast resistant design of
process plant buildings. However, the design practices used by some operating companies and
contractors are based on a number of existing documents dealing with this subject including:

a. Siting and Construction of New Control Houses for Chemical Manufacturing
Plants, (SG-22), Chemical Manufacturing Association. (withdrawn)

b. An Approach to the Categorization of Process Plant Hazard and Control
Building Designs, (CIA), Chemical Industries Association. (being revised)

c. Design of Structures to Resist Nuclear Weapons Effects, (ASCE Manual 42),
American Society of Civil Engineers

d. Structures to Resist the Effects of Accidental Explosions, (UFC 3-340-02),
Department of the Army, Navy, and Air Force. This manual was formerly designated as
T™ 5-1300.

The SG-22 and CIA documents are similar and cover the siting, design and construction of
control buildings in petrochemical plants for a specified set of TNT equivalent blast loads and the
simplified dynamic (elasto-plastic, single degree of freedom) design approach. The other documents
cited above are more comprehensive but are generally geared to design for high-yield explosives for
military and munitions applications. However, the fuindamentals and design principles covered in
these documents are applicable to designs for other types of explosions.

In addition to the publications cited above, the American Institute of Chemical Engineers,
Center for Chemical Process Safety (CCPS) committee and the American Petroleum Institute (API)
have addressed various aspects of blast protection technology relevant to this report. In particular,
CCPS has developed ~ Guidelines for Evaluating the Characteristics of Vapor Cloud
Explosions, Flash Fires, and BLEVEs  (CCPS Explosion Guidelines), and Guidelines for
Evaluating Process Plant Buildings for External Explosions and Fire (CCPS Building
Guidelines). API published a recommended practice titled ~ Management of Hazards Associated
With Location of Process Plant Buildings (API RP 752).



1.4 BLAST RESISTANT DESIGN PROCESS

The overall process involved in the evaluation and design of petrochemical plant buildings for
explosion hazards is illustrated in Figure 1.1. This flowchart shows fifteen basic steps in the overall
blast evaluation and design process, as follows:

a. Define Scope: Steps 1 and 2 are to define the owner’s requirements and needs for the
building.

b. Analyze Explosion Hazards: Steps 3 and 4 are to identify the explosion scenarios to be
used to quantify the design blast overpressures (refer to Section 5.6).

c. Determine Performance Criteria: Step 5 is to determine how the building should
perform during the explosion scenario (refer to Chapter 3).

d. Determine Blast Loads: Step 7 is to determine the blast loadings for the various
components of the building (refer to Chapter 3).

e. Select Structural System and Material and Response Criteria: Steps 6, 8, and 9 are to
choose the structural materials and systems for the building and the associated structural
properties and response limits consistent with the performance requirements for the
building (refer to Chapters 4 and 5).

f. Perform Structural Analysis and Component Design: Steps 10 to 12 are to select and
perform the level of structural calculations appropriate for the particular situation (refer to

Chapters 6 and 7).

g. Finalize and Detail Design: Steps 13 to 15 are to proportion and detail building
components and document design (refer to Chapters 8 and 9).

It is expected that the owner will provide or direct items a, b and ¢, (steps 1 to 5). CCPS
Building Guidelines, CCPS Explosion Guidelines, and API RP 752 provide guidance on these
steps. The design engineer’s responsibilities fall in d to g (steps 6 to 15) of the process. These steps
are the mamn focus of this ASCE report.
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CHAPTER 2
GENERAL CONSIDERATIONS

2.1 INTRODUCTION

The need and requirements for blast resistance in plant buildings within the petrochemical
industry have evolved over recent years. Petrochemical processes have become more complex and
plants have increased in size thus increasing the risk of accidental explosions. Such explosions have
demolished plant buildings, in some cases resulting in substantial personnel casualties and business
losses. Such events have heightened the concerns of the industry, plant management, and regulatory
agencies about the issues of blast protection in plants having the potential for explosions. Generally,
these issues relate to plant safety and risk management to prevent or minimize the occurrence of such
incidents and to siting, design, and construction practices for plant buildings to mitigate the effects on
plant workers and operations.

This chapter covers the general considerations pertaining to the design of plant buildings to
resist the effects of accidental explosions in petrochemical plants. First the relevant regulatory
requirements are briefly discussed. Next is a discussion of current industry practice and the
objectives for providing blast resistance in plant buildings. In Section 2.4, some factors are discussed
on how to identify the plant buildings that should be considered for blast resistance. Siting plays a
key role in blast protection of buildings in a plant. Often the need for blast protection has to be
weighed against functional or operational needs. These siting considerations are discussed in Section
2.5.



2.2 OSHA REQUIREMENTS

The General Duty Clause of the Occupational Safety and Health Act (OSHA) of 1970 states
that “Each employer .... shall furnish to each of his employees, employment and a place of
employment which are free from recognized hazards that are causing or are likely to cause death or
serious physical harm to his employees;...” More specifically, Section (e)(3) of 29 CFR 1910.119
states that process hazard analysis shall address facility siting. OSHA has recognized and pointed out
the potential hazards associated with process control centers of normal construction. Appendix C 13
of 29 CFR 1910.119 states “The use of process control centers or similar process buildings in the
process area as safe areas is discouraged. Recent catastrophes have shown that a large life loss has
occurred in these structures because of where they have been sited and because they are not
necessarily designed to withstand overpressures from shockwaves resulting from explosions in the
process area.”



2.3 OBJECTIVES OF BLAST RESISTANT DESIGN

The primary objectives for providing blast resistant design for buildings are:

a. personnel safety.
b. controlled shutdown.
c. financial consideration.

Blast resistant design should provide a level of safety for persons in the building that is no less
than that for persons outside the building in the event of an explosion. Evidence from past incidents
has shown that many of the fatalities and serious mjuries were due to collapse of buildings onto the
persons inside the building. This objective is to reduce the probability that the building itself becomes
a hazard in an explosion.

Preventing cascading events due to loss of control of process units not involved in the event is
another objective of blast resistant design. An incident in one unit should not affect the continued safe
operation or orderly shutdown of other units.

Preventing or minimizing financial losses is another objective of blast resistant design. Buildings
containing business information, critical or essential equipment, expensive and long lead time
equipment, or equipment which, if destroyed, would constitute significant nterruption or financial loss
to the owner, should be protected.



2.4 BUILDINGS REQUIRING BLAST RESISTANT DESIGN

The decision regarding blast resistant requirements is made by the owner, typically through
standard practice or by following a site specific methodology as described in CCPS Building
Guidelinesor APIRP 752 . Decision guidelines typically employ a plant classification or
categorization approach based on the severity of blast hazards.

The requirements for the building are greatly influenced by the factors of distance from blast
source, criticality of the function, and expected occupancy. For example, a critical building sited far
enough from a potential blast source may not need increased blast resistance. But if a remote
location is unavailable, or proximity of the building to the unit is important, then the choice may be to
provide a high level of blast resistance.

One should keep in mind that every building has some level of blast resistance and the term is
not synonymous with a bunker design. Blast resistant construction is sometimes referred to as “blast
proof.” This is a misnomer since it is not realistic to provide an absolute level of blast protection. In
other words, there is always some probability that a design basis event can be exceeded or that a
non-structural component may fail.

When a building or installation is not sited far enough away from a blast source, the building is
potentially exposed to damaging overpressures. A blast resistant design is then recommended if
either of the following applies:

a. The building meets the owner’s occupancy criteria (API RP 752). Even where
evacuation is used as a mitigation strategy, blast resistance should be considered for
occupied buildings because complete evacuation is unlikely in the short response time due
to the number of occupants or size and layout of the building.

b. The building or installation is expected to perform critical services. One critical service
is where procedures require that personnel remain inside during an accident to regain or
maintain control or to safely shut down operating units. Another critical service is where a
building controls multiple units or controls a particularly high risk unit. A further critical
service is protection of emergency response equipment such as fire fighting vehicles, spill
control equipment, and firewater pumping equipment.



2.5 SITING CONSIDERATIONS

The siting of a typical plant building is unlikely to be based upon a single factor. Hazards,
exposures, future expansions, and spacing establish the selected site.

Siting a plant building should consider the hazards in the adjacent and nearby processing
operations and the possible results of an incident mvolving these hazards. The hazards from
neighboring plants should also be considered.

As a minimum, blast resistant buildings should be sited to meet the appropriate guidelines for
fires such as those in IRl and company engineering practices.

Blast protection can be provided by adequate spacing from a potential hazard or by
strengthening the building. Spacing should be the primary choice in providing blast protection.

Generally, buildings designed for conventional loads can be sited in areas where the peak side-
on overpressure is less than 1.0 psi (6.9 kPa) or the side-on impulse is less than 30 psi-ms (207
kPa-ms). This can be implied by the provisions of DoD 6055.9-STD and UFC 3-340-02. DoD
6055.9-STD states that at the “Inhabited Building Distance” (where peak side-on overpressure is
0.9 to 1.2 psi, or 6.2 to 8.3 kPa) unstrengthened buildings can sustain damage less than five percent
of'the replacement cost and personnel are provided a high degree of protection from death or
serious injury.

When siting buildings one should consider the following:

a. Buildings should be oriented such that the short side faces the most probable explosion
source.

b. Buildings housing personnel not required for actual operation of the unit should be sited
as far away as possible.

c. Buildings should be sited away from areas of congestion and confinement as these
contribute to the severity of the explosion.

d. Buildings should not be sited downhill from potential release sources of heavier than air
materials.

e. Buildings should not be sited in prevailing downwind direction from potential release
sources.

f Buildings should not be sited in a location where flammable liquid could pool.



2.6 OFFSHORE FACILITIES

Blast loading can lead to partial or total collapse of an offShore platform and result in loss of life
and environmental pollution. Guidelines and recommended practice for satisfactory design of
offshore structures against blast loading are described in APl RP 2FB, which contains an extensive
list of references.

Many of the aspects of blast resistant design discussed in this book relate equally to either on-
shore petrochemical facilities or to offShore facilities. Among these are dynamic material properties
and analysis methods. The primary differences are in siting considerations and in details of the design
overpressures.

On an offshore facility, available space is usually limited and costly, so that significant mitigation
of blast effects by distance is often impractical. Consequently, control rooms, living quarters, escape
routes, evacuation facilities (muster stations life boats), critical structural supports, and safety-critical
items such as firewater lines and their supporting structures must be designed explicitly to resist blast
effects. To mitigate the effects of blast, offshore facilities commonly employ blast walls, either built
mtegrally with the rest of the structure or lightweight manufactured walls fitted later in the construction
process.

Relative to an onshore petrochemical facility, an offshore facility is very congested. The
explosion source is usually in a confined area and quite close to items that must survive the explosion.
Preliminary design is often based on nominal overpressures and impulses based on typical similar
degrees of congestion. Detail design usually relies on results of numerical models such as
computational fluid dynamics (CFD) which solve equations describing gas flow, turbulence, and
combustion processes.



2.7 NON-BUILDING STRUCTURES, EQUIPMENT & INFRASTRUCTURE

An overview of the historical performance record of non-building structures, equipment and
nfrastructure subjected to blast testing and accidental explosions is  presented in this section. Much
of'the data reported in the various public documents are based on atomic bomb tests conducted by
the US during the 1950’s. Glasstone and Dolan compiled a great deal of the performance data for
a wide range of industrial structures, equipment, vehicles and infrastructure subjected to blast loads.

In 1970, the US Department of the Interior’s Office of Oil and Gas published a handbook
(Stephens) mtended for use by the petroleum refining industry for the purpose of building additional
protection into refineries against all forms of disaster, including nuclear attacks. An excerpt from this
handbook reproduced in Figure 2.1 provides an overview of the performance of various non-
building structures, equipment and infrastructure subjected to blast loading. Note that blast pressure
is defined in terms of the overpressure, or free-field pressure.

Blast resistance data are also available in TNO Green Book. Table 2.1 is a reproduction of the
data from this source. Most of the data listed in this table are based on Glasstone and Dolan. Here
again, the blast pressure is given in terms of the overpressure.

Although it may be feasible to perform detailed structural analyses and damage evaluations of
non-building structures, equipment and infrastructure, such efforts run the risk of becoming extremely
complex in order to adequately address the many variables involved in such an undertaking, Utilizing
screening data as presented herein, with an appropriate level engineering judgment and caution, can
provide general information on the expected performance under blast loading conditions.
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FIGURE 2.1: Blast Overpressure Effects on Vulnerable Refinery Parts (from Stephens)

Two factors warrant special consideration. One of these factors is the effect of the blast loading
duration. As mentioned above, most of the damage data cited herein is believed to have been
obtained from nuclear explosion tests which have significantly longer durations than accidental
explosions occurring in petrochemical facilities. Hence, impulse sensitive items would be expected to
perform better than what may be indicated by the available data. Another factor to consider is the
construction (i.e., materials and fabrication details) which may be significantly different from what had
been tested.



TABLE 2.1: Blast Damage to Equipment, Other Structures and Infrastructure (from TNO

Green Book)

Overpressure
Description of Damage

psi kPa
Roofof a storage tank has collapsed 1.0 7
Supporting structure of a round storage tank has collapsed 14.5 100
Cracking in empty oil storage tanks 2.9-44120-30
Displacement of a cylindrical storage tank, failure of connecting piping||7.3 - 14.5/(50 - 100
Damage to a fractioning column 5.1-11.6||35- 80
Slight deformations of a pipe bridge 2.9-4.4120-30
Displacement of a pipe bridge, breakage of piping 5.1-58135-40
Collapse of a pipe bridge 5.8-8.0(40-55
Plating of cars and trucks pressed inwards 5.1 35
Breakage of wooden telephone poles 5.1 35
Loaded train carriages turned over 7.3 50
Large trees have fallen down 2.9-5.8120-40




CHAPTER 3
DETERMINATION OF LOADS

3.1 INTRODUCTION

The preceding chapters discussed the considerations involved in deciding the need for blast
protection for buildings located in petrochemical plants. Structural strengthening, or design to resist
the effects of accidental explosions, was identified as one of the options available to achieve the
appropriate level of blast protection. Blast resistant design requires that the loads from such events
be quantified and that the structural performance requirements be established for buildings subjected
to these loads. Methods to determine the blast loading and structural performance limits are well
established in UFC 3-340-02 for buildings exposed to explosions from TNT or other high-yield
explosives in military applications and munitions plants. However, this is not the case for the kinds of
accidental explosions that have occurred in petrochemical plants.

This chapter provides general information on the characteristics of blast loads. A detailed
discussion can be found in several publications including Baker and CCPS Explosion Guidelines .
The chapter also discusses how explosions that occur in process plants are characterized in order to
determine the blast loads for structural design. First, Section 3.2 discusses the types of explosions
that may occur in petrochemical plants. Section 3.3 provides a description of the basic parameters
which define a blast wave. Some of the methods currently in use in the industry and some blast
overpressure values for accidental explosions used for design are covered in Section 3.4. Finally,

Section 3.5 provides a method for determining the blast loads on various parts of a rectangular
building.



3.2 TYPES OF EXPLOSIONS

Explosions in the petrochemical industry can be classified into four basic types: Vapor Cloud
Explosions, Pressure Vessel Explosions, Condensed Phase Explosions, and Dust Explosions. Baker
and CCPS Explosion Guidelines also provide information for characterizing some of these types of
explosions.



3.2.1 Vapor Cloud Explosions

Four conditions are necessary for a vapor cloud explosion (VCE) with damaging overpressures
to occur (CCPS Explosion Guidelines).

First, there must be a release of a flammable material at suitable conditions of pressure or
temperature. These include liquified gases under pressure, ordinary flammable liquids (especially at
elevated pressures and/or temperatures), and flammable gasses. When a flammable liquid spills,
some or all of it will vaporize and/or form an aerosol. This dispersion is called a vapor cloud.

Second, ignition must be delayed long enough for a vapor cloud of sufficient size to form.
Maximum flammable cloud size is usually reached in 30 to 60 seconds, so the ignition delay is not
long. Ifignition occurs nearly instantly, a fire or fireball, but not a VCE, would occur.

Third, the fuel-air ratio of a sufficient amount of the vapor cloud must be in the flammable range.
The more uniform the fuel-air mixture, near the stoichiometric fuel-air ratio, the stronger the
explosion.

Finally, there must be a flame acceleration mechanism, such as congested areas, within the
flammable portion of the vapor cloud. The overpressures produced by a vapor cloud explosion are
determined by the speed of flame propagation through the cloud. Objects in the flame pathway (such
as congested areas of piping, process equipment, etc.) enhance vapor and flame turbulence. This
turbulence results in a much faster flame speed which, in turn, can produce significant overpressures.
Confinement that limits flame expansion, such as solid decks in multi-level process structures, also
increases flame speed. Without flame acceleration, a large fireball or flash fire can result, but not an
explosion.

Thus, the center of a VCE is not necessarily where the flammable material is released, the pont
of'ignition, or the center of the vapor cloud. Rather, the center of a vapor cloud explosion is usually
an area of congestion/confinement within the vapor cloud. Ifthere are multiple areas of congestion or
confinement within the flammable portion of a vapor cloud, multiple explosions can occur as the
flame front propagates through each congested/confined area.



3.2.2 Pressure Vessel Explosions
In petrochemical plants, vessel explosions may occur as one of several subtypes:

a. Deflagrations and Detonations of Pure Gases Not Mixed with Oxidants: Acetylene is an
example of a gas that would undergo a self-sustaining decomposition that releases energy.
Acetylene can burn with the oxygen in the air as either a deflagration or a detonation.
However, acetylene alone, with no oxygen, can also deflagrate or detonate.

b. Combustion Deflagrations and Detonations in Enclosures: These can be fueled by
gaseous, liquid, or dust particle fuels (refer to Section 3.2.4 Dust Explosions). If an
enclosure is too weak to sustain the pressure resulting from the combustion, it will
explode.

c. Runaway Exothermic Chemical Reactions: Many industrial chemical reactions are
exothermic, i.e. they release energy. Certain reactions can go into accelerated (runaway)
conditions if the released energy is not removed fast enough. If a contamment vessel has
msufficient venting capabilities, considerable pressure can build up. If this pressure
exceeds the pressure capabilities of the vessel, it will explode.

d. Simple Overpressure of Equipment with Nonreactive Gaseous Contents: These are
also called mechanical explosions. Rupture of pressure vessels due to overpressure may
occur if human error or ancillary equipment failures allow too high an internal pressure to

accumulate.

e. Physical Vapor Explosions: Physical vapor explosions occur when two streams of
widely differing temperatures mix suddenly, such that the cooler liquid flashes rapidly to
vapor and generates a pressure beyond the pressure capability of the container. The
container thus explodes. Foundries may experience such explosions if molten metal is
accidentally poured into a moist mold, or water mnto hot oil.

f. Boiling Liquid Expanding Vapor Explosions (BLEVE): This occurs when a large amount
of pressurized liquid is suddenly vented to the atmosphere as the result of a containment
vessel rupture. The rupture may be from a number of causes, but often it is from excessive
heating by external fire that contacts the vessel walls above the liquid level. In this case,
the vessel is not pressured above its rated pressure, but is weakened by the heat. Much of
the liquid flash vaporizes, and much of the remainder is broken up into aerosol droplets.
The vapor aerosol mixture is typically ignited as the material is suddenly vented to the
atmosphere. The combustion rate is limited to the rate at which air can mix into the fuel. In
terms relative to the speed of flames, the rate of mixing with air is relatively slow. A huge,
billowing, highly radiant fireball results, and a pressure wave may also occur.



3.2.3 Condensed Phase Explosions

Condensed phase materials are those in the liquid or solid phase, in contrast to gaseous phase.
The classic example of condensed phase materials that can detonate are high explosives. Some
materials found in petrochemical plants have properties that cause them to explode under upset
process conditions.



3.2.4 Dust Explosions

Suspensions of finely divided combustible solids (flammable dusts) can explode in much the
same fashion as flammable gases. It is significant that, in a dust suspension in air, small concentrations
of flammable gas, even well below the lower flammable limit of the gas, can contribute to a more
severe explosion than that of the dust alone. Such mixtures are called hybrid mixtures.



3.3 BLAST WAVE PARAMETERS

For blast resistant design, the most significant feature of an explosion is the sudden release of
energy to the atmosphere which results in a pressure transient, or blast wave. The blast wave
propagates outward in all directions from the source at supersonic or sonic speed. The magnitude
and shape of'the blast wave depends on the nature ofthe energy release and on the distance from
the explosion epicenter. The characteristic shapes of blast waves are shown in Figure 3.1.

The two types of blast waves are:

a. Shock Wave: This has a sudden, almost instantaneous rise in pressure above ambient
atmospheric conditions to a peak free field (side-on or incident) overpressure. The peak
side-on overpressure gradually returns to ambient with some highly damped pressure
oscillations. This results in a negative pressure wave following the positive phase of the
blast wave.

b. Pressure Wave: This has a gradual pressure rise to the peak side-on overpressure
followed by a gradual pressure decay and a negative phase similar to that for a shock
wave.

Shock waves in the near and far fields usually result from condensed phase detonations, or
from an extremely energetic vapor cloud explosion. Most vapor cloud deflagrations will give rise to
pressure waves in the near field which may propagate as a shock wave, or “shock-up,” in the far
field.

The negative phase of a shock or pressure wave is usually much weaker and more gradual than
the positive phase, and consequently is usually ignored in blast resistant design. For situations where
the negative phase blast loading may be important, the reader is referred to UFC 3-340-02 for the
characterization and treatment of this loading.

In Figure 3.1, the time over which the blast wave overpressure lasts is referred to as the
positive phase duration, or simply duration. The area under the pressure-time curve is the impulse of

the blast wave. Consequently, the positive phase impulse, I, is defined as follows:
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FIGURE 3.1: Characteristic Shapes of Blast Waves
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0. 5P, L, for a triangular wave
0.64 P, L, Tor a half-sine wave
¢ Paota, foran exponentially decaving shock wave



where,

Bt} = overpressure function with respect 1o time
Poo = peak, or incident, side-on overprassure

La = durationof positive phase

C = a value between 0.2 and 0.5 depending on Pas



3.3.1 Blast Wave Parameters For Blast Loading

For blast resistant design of buildings, the principal parameters of the blast wave required to
define the blast loading for a building’s components are:

® Peak side-on positive overpressure, P, positive phase duration, t 4, and the corresponding
positive impulse, I,.

so » Negative phase duration, ty” and the associated

e Peak side-on negative pressure (suction), P

negative impulse, I ".

The blast wave attenuates as it propagates outward from the explosion epicenter.
Consequently, the values of peak overpressure and impulse decrease with distance while the
duration tends to increase. Values for these blast wave parameters can be determined from
published data in the form of scaled values (overpressure, impulse or duration) as a function of
scaled distance. UFC 3-340-02 provides data on high energy condensed phase explosives while
Baker, TNO 1985, and CCPS Explosion Guidelines provides values for vapor cloud explosions
according to their respective models. These sources do not provide data on the negative phase of the
blast wave from a vapor cloud explosion. Because negative phase pressures are relatively small, and
oppose the primary lateral force, it is usually conservative to ignore them for design. The values of
blast overpressure and duration appropriate for petrochemical design are discussed in Section 3.4.

In addition to peak overpressure, duration, and impulse, other blast wave parameters that may
enter into the determination of'the blast loads for a structure include:

Peak reflected pressure, P,

Peak dynamic (blast wind) pressure, q,,

Shock front velocity, U
Blast wave length, L,

Usually these secondary parameters can be determined from the primary blast wave
parameters as discussed below.



3.3.2 Peak Reflected Pressure, P,

When the free field blast wave from an explosion strikes a surface, it is reflected. The effect of
this blast wave reflection is that the surface will experience a pressure much more than the incident
side-on value. The magnitude of the reflected pressure is usually determined as an amplifying ratio of
the incident pressure:

P = P 3.2}

where,

C; = reflection coefMicient

The reflection coefficient depends on the peak overpressure, the angle of incidence of the wave
front relative to the reflecting surface, and on the type of blast wave. The curves in Figure 3.2 shows
reflection coefficients for shock waves and pressure waves, for angles of incidence varying from 0°
(wave front parallel to surface) to 90° (wave front perpendicular to surface), and for peak
overpressures up to about 5 times atmospheric pressure.

For peak overpressures up to 20 psi (138 kPa), the expected range for most accidental vapor
cloud explosions, Newmark provides a simple formula for the blast wave reflection coeflicient at
normal, 0°, incidence as follows:

G=F/P, = {2+ 0,05 P..) {Pypin pai) 3.3)
s (2 00073 Pys) {Paoini kPa)

The duration of the reflected pressure depends on the dimensions of the reflecting surface, up to
a maximum time approximately equal to the positive phase duration of the incident blast wave. This
upper limit corresponds to the total reflection of the entire blast wave without any diffraction around
the edges of the reflecting surface. Further details of the duration are provided in Section 3.5.1.



3.3.3 Dynamic (Blast Wind) Pressure, q,

This blast effect is due to air movement as the blast wave propagates through the atmosphere.
The velocity of the air particles, and hence the wind pressure, depends on the peak overpressure of
the blast wave. Baker and UFC 3-340-02 provide data to compute this blast effect for shock
waves. In the low overpressure range with normal atmospheric conditions, the peak dynamic

pressure can be calculated using the following empirical formula from Newmark:
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FIGURE 3.2: Blast Wave Reflection Coefficient vs. Angle of Incidence (from TNO Green
Book)

Q=2 5P [ (TP, +Py) =0022P.° {psi) (3.4
= 0.0032 Py.” {kPa)
where,

P, = ambient atmospheric pressure.

The net dynamic pressure on a structure is the product of the dynamic pressure and a drag
coeflicient, Cy. The drag coefficient depends on the shape and orientation of the obstructing surface.

For a rectangular building, the drag coefficient may be taken as +1.0 for the front wall, and -0.4 for



the side and rear walls, and roof.

The dynamic pressure exerts the dominant blast effect on open frame structures, framed
structures with frangible cladding, and on small structures or components such as poles, stacks, etc.
The dynamic pressure also influences, but to a lesser extent, the net blast loads on the walls and roof
of an enclosed building as discussed in Section 3.5.



3.3.4 Shock Front Velocity, U

In the free field, the blast wave from an explosion travels at or above the acoustic speed for the
propagating medium. UFC 3-340-02 provides plots of shock front velocity vs. scaled distance for
high energy TNT explosives. There are no similar plots available for pressure wave propagation.
However, for design purposes it can be conservatively assumed that a pressure wave travels at the
same velocity as a shock wave. In the low pressure range, and for normal atmospheric conditions,
the shock/pressure front velocity in air can be approximated using the following relationship from

Newmark:
U = 1130(1 + 0. 058 P, {iU's)
= 345 (1 + 0.0083 Pa)™ {ma)
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FIGURE 3.3: Idealized Shock and Pressure Loads
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3.3.5 Blast Wave Length, L,,

The propagating blast wave at any instant in time extends over a limited radial ~ distance as the
shock/pressure front travels outward from the explosion. The pressure is largest at the front and trails
off to ambient over a distance, L ,, the blast wave length. Values of L |, for high energy explosives

can be obtained from UFC 3-340-02. In the low pressure range, the length of the blast wave can be
approximated by:

Ly=Uty {3.6)



3.3.6 Idealized Blast Wave Parameters

To simplify the blast resistant design procedure, the generalized blast wave profiles shown in
Figure 3.1 are usually idealized, or linearized, as illustrated n ~ Figure 3.3 for a shock wave and
pressure wave. Furthermore, to use certain design charts and formulas in UFC 3-340-02, a pressure
wave is simplified by using an equivalent shock loading which has the same peak overpressure and
impulse. This simplification is shown in Figure 3.4. The blast loads on the various parts of a building
based on these simplified blast wave parameters are discussed in Section 3.5.



3.4 DETERMINATION OF VAPOR CLOUD DESIGN OVERPRESSURES

Although there is a wide range of explosions types, vapor cloud explosions are a primary
concern in the petrochemical industry. Because there are no codes or industry standards for
determining what blast overpressures should be used, the design blast loads are usually supplied by
the facility owner. Considering the wide variety of processes, it is easy to understand why these
overpressures will be different from one owner to the next and even for different locations within a
single facility. Some owners have several hazard levels which are used to classify different plant
areas. These hazard levels are based on the material handled and the process used.

The actual design overpressures may be stated to the design engineer in two ways:

a. The simplest is a set blanket statement such as; “All buildings shall be designed for a
peak reflected overpressure of X psi (kPa), a peak side-on overpressure of Y psi (kPa),

and duration of Z milliseconds.”
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FIGURE 3.4: Idealized Equivalent Pressure Load

b. A further refinement is to specify overpressures and durations based on the distance
between the structure and a potential source. The distances may be given in stepped
blocks or a continuous function. The building engineer would then determine design loads
based on the appropriate distance.

The basis for the above design criteria may have been developed from a site specific study,
from commonly used criteria, or from historical data.

Asite specific study is the most comprehensive approach. Site specific studies to identify and
quantify explosion hazards are usually conducted by the owner’s process safety specialist or by
specialty consultants. There are several steps which need to be taken, each of which may be done in
a variety of ways. The steps are outlined below with some of the available methods. More detailed
information is available in CCPS Building Guidelines and AP1 RP 752.

1. Define the release: This step may be based on a worst possible case based on the maximum
amount of material within a process loop, or a worst probable (credible) case selected from a
hazards review.

2. Formation of an explosive cloud: This step is often done using two computer models. The first
is a source emissions model which calculates what happens at the interface between the
contained material and the atmosphere into which it is being released. The second is a
dispersion model which calculates how the released material disperses and mixes with the air.

3. Amount of energy contributing to the explosion: This may be based on a fraction of the total



amount of material available or by determining the mass of the cloud that is within the
flammable limits. It may be further refined by looking at the level of confinement within the
area of the cloud.

4. Calculation of blast overpressure parameters: There are three major methods in use today.
One is the TNT Equivalency Method which gives naccurate results for vapor cloud
explosions. The other two methods are the Strehlow Curves from Baker and the Multi-
Energy Method from TNO 1985. Both provide a family of curves based on flame speed or
explosion strength. These curves are used to select dimensionless parameters which are then
unscaled to determine the actual overpressures.

Overpressures may be determined at the point of the structure closest to the source and then
applied to the entire structure. Ifthe structure is large, the average overpressure on the surface or the
overpressure at the centroid of the surface may be used. Normally a building should be designed
considering the potential blast wave from any horizontal direction, but not all directions
simultaneously.

Commonly used criteria includes SG-22 (withdrawn), and ~ CIA (being revised). Both
documents specify at least two blast overpressures for buildings spaced 100 feet (30 meters) from a
vapor cloud explosion hazard as follows:

a. High pressure, short duration, triangular shock loading: Side-on overpressure of 10 psi
(69 kPa) with a duration of 20 milliseconds.

b. Low pressure, long duration, triangular loading: Side-on overpressure of 3 psi (21 kPa)
with a duration of 100 milliseconds.

These blast loadings have been widely used in the past for blast resistant design throughout the
industry. However, many owners have developed specific blast loading criteria more in line with their
specific circumstances. With advances in the modeling of vapor cloud explosions (Baker, CCPS
Explosion Guidelines), the trend is toward the use of VCE based blast loads.

Blast overpressures are specific to companies, processes and sites and it is therefore
impractical to quantify a uniform minimum or maximum blast overpressure. A survey of the blast
resistant design practices of some operating companies and contractors within the industry shows
that blast resistant design is considered for buildings 50 to 1,200 feet (15 to 365 meters) from vapor
cloud explosion hazards. However, most industry standards cover buildings in the 100 to 400 foot
(30 to 120 meter) range. The blast loading specified varies considerably depending on plant type,
spacing and model used to quantify the explosion. Overall, the specified blast loads used for design
have side-on overpressures ranging from 1.5 to 15 psi (10 to 103 kPa) with positive phase duration
ranging from 20 to 200 ms. These loads are for buildings spaced from 100 to 200 feet (30 to 60
meters) from an explosion source. Generally, the greater the spacing, the lesser the overpressure and
mmpulse, but the longer the duration of the blast loading.

Historical data from industrial explosions are hard to accurately quantify as these can only be
approximated by back calculating from observed deformations of structures. Blast overpressures
from vapor cloud explosions are especially difficult to quantify because they tend to be directional,
come from multiple sources, and vary with site conditions. Additionally, there is less information
available than for high explosives. In one company’s review of five recent vapor cloud explosion
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incidents, as measured at a range of 200 to 1,000 feet (60 to 300 meters), peak reflected pressures
in the range from 2 psi (14 kPa) with a 35 ms duration to 12 psi (83 kPa) with a 33 ms duration
have occurred. These pressures correspond to side-on overpressures ranging from 1 psi (7 kPa) to
5.5 psi (38 kPa). An extensive list of this type of explosion data is included in Lenoir.

) shock front
~ shock front

LI ETTTFTTririsriied

a) Shock fromt approaches structune

rarefaction
vl ;
_\". WS oA _,_..""_ shock front
rarefaction-, % shock front f
WiV \"a refleciad
shock
reflecied — g
fromt
shock L Zrs
froml T Ty

b) Shock reflected from front surfce and diffacts over structurs

shock font shock Font-

1
” vortex -, 3
diffracted

f::lf\‘ ~— shock = st
front = fl‘j l—-

FFPTTA T AT TITT i TTFeT vortex

Sl difftacted
shock

¢} Diffraction continues across rear surfce

shock font-, —= shock !'i‘{‘ml\‘—-
vorex - -

] \ Jrl.
 \

T

{
P i i Tiafiidyd vt ex

dy Diffraction is complete. Shock fronl passes beyond structurs

FIGURE 3.5: Schematic of Blast Wave Interaction with a Rectangular Building (from TNO
Green Book)



3.5 BUILDING BLAST LOADING

To design a blast resistant building, the design engineer first has to determine loads on the
building as a whole and on each individual structural component such as wall, roof; frame, etc. from
the free field blast overpressure usually provided by the facility owner. To establish these loads, the
design engineer should understand the interaction of the propagating blast wave with the building.

When a blast wave strikes a building, the building is loaded by the overpressure and drag
forces of the blast wave. The interaction between the blast wave and a structure is quite complex as
shown schematically in Figure 3.5 . For the purpose of design, the resulting blast loading can be
simplified, as illustrated in Figure 3.6, based on the idealized shock wave discussed in Section 3.3.6.
The blast wave in Figure 3.6 is shown traveling horizontally left to right. However, depending on the
location of potential explosion hazards relative to the building site, the blast could strike the building
from any direction and may, in the case of an elevated explosion source, slant downward towards
the building.

Depending on its distance and orientation, relative to the blast source, the building and its
components will experience various combinations of blast effects (reflected overpressure, side-on
overpressure, dynamic pressure and negative pressure) discussed previously. Based on the owner
specified side-on overpressure and duration, the design engineer can determine the blast loads for
the various components of the building, as illustrated below, for a closed rectangular box-shaped
building.
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FIGURE 3.6: Blast Loading General Arrangement for a Rectangular Building (from
Forbes 1998, with permission of American Concrete Institute)



3.5.1 Front Wall Loading

The walls facing the explosion source will experience a reflected overpressure. As discussed
previously, the reflected overpressure amplification of the blast wave depends on the angle of
incidence, o, and on the rise-time, t ., of the side-on overpressure pulse. For design purposes, the
normal shock reflection conditions ( a =0, t . = 0) should be assumed unless the specified design
explosion scenario dictates otherwise. However, in some cases oblique reflection (about 30° to 60°)
may be more critical to the overall building because the full reflected overpressure could load two
adjacent sides of the building. The reflected overpressure decays to the stagnation pressure, P, in
the clearing time, t., as defined below and illustrated in Figure 3.7.

P;=Psup+ Cads (3.7}
.=38/U=1y (3.8)
where,

S =cleanng distance, the smaller of By, or By/2
By = building height
Bw = building width

As indicated in Equation 3.8 and Section 3.3.2, the duration of the reflected overpressure
effect, t., should not exceed that of the free field positive overpressure, t;.

In order to use the dynamic response charts based on a triangular shaped load, the bilinear
pressure-time curve shown in Figure 3.7 can be simplified to an equivalent triangle. This equivalent
load is computed by equating the impulse for each load shape and using the same peak pressure, P ..

The impulse, I, under the bilinear pressure-time curve is:

lw=05(Pc-Ps) te +0.5P:ta (3.9

FIGURE 3.7: Front Wall Loading

The duration, t,, of the equivalent triangle is determined from the following equation:

L 2 Iw P.f [-t‘i = Tc] Ps P: f Le f?l D]



3.5.2 Side Walls

The side walls are defined relative to the explosion source as shown in Figure 3.6. These walls
will experience less blast loading than the front wall, due to lack of overpressure reflection and to
attenuation of'the blast wave with distance from the explosion source. In certain cases, the actual
side wall loading is combined with other blast induced forces (such as in-plane forces for exterior
shear walls). The general form of side wall blast loading is shown in Figure 3.8.

As a blast wave travels along the length of a structural element, the peak side-on overpressure
will not be applied uniformly. It varies with both time and distance. For example, if the length of the
side wall equals the length of the blast wave, when the peak side-on overpressure reaches the far
end of the wall, the overpressure at the near end has returned to ambient. A reduction factor, C , is

used to account for this effect in design. Values for C  , refer to Figure 3.9, are dependent on the
length of the structural element, L |, in the direction of the traveling blast wave. If the blast wave is
traveling perpendicular to the span, then L; should be equal to a nominal unit width of the element.

The equation for side walls is as follows:
Pa=CiPu+Cage (3.01)
where,
P, = effective side-on overpressure

The side wall load has a rise time equal to the time it takes for the blast wave to travel across
the element being considered. The overall duration is equal to this rise time plus the duration of the
free-field side-on overpressure.

3 (,
t,=B/U,t, =t+1

FIGURE 3.8: Roof and Side Wall Loading



3.5.3 Roof Loading

For a building with a flat roof (pitch less than 10°) it is normally assumed that reflection does
not occur when the blast wave travels horizontally. Consequently, the roof will experience the side-
on overpressure combined with the dynamic wind pressure, the same as the side walls. The dynamic
wind force on the roofacts in the opposite direction to the overpressure (upward). Also,
consideration should be given to variation of the blast wave with distance and time as it travels across
a roof element. The resulting roofloading, as shown in Figure 3.8, depends on the ratio of blast wave
length to the span of the roof element and on its orientation relative to the direction of the blast wave.
The effective peak overpressure for the roof elements are calculated using Equation 3.11 similar to
the side wall.



3.5.4 Rear Wall Loading

Rear wall loading is normally used only to determine the net overall frame loading. Because the
rear wall load is opposite in direction to the front wall load, its inclusion tends to reduce the overall
lateral blast force. For buildings where a blast load could occur from any direction, rear wall effects
are many times conservatively neglected.

The shape of the rear wall loading is similar to that for side and roof loads, however the rise
time and duration are influenced by a not well understood pattern of spillover from the roof and side
walls and from ground reflection effects. The rear wall blast load lags that for the front wall by B /U,

the time for the blast wave to travel the length, B, of the building. The effective peak overpressure is
similar to that for side walls and is calculated using Equation 3.11 (P, is normally used to designate
the rear wall peak overpressure instead of P ). Available references indicate two distinct values for
the rise time and positive phase duration.

TNO Green Book and ASCE Manual 42 use criteria that appear to be based on longer
duration blast loads. The positive phase has rise time of 4S/U and a total duration of't q (Figure

3.10a). Note that for blast loads of a moderate to short duration, the rise time may approach or
exceed td. Information is not provided on dealing with this situation.
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FIGURE 3.9: Effective Overpressure Values (from UFC 3-340-02)

UFC 3-340-02 provides criteria computing the rear wall load as though it were an extension of
the roof. Though graphs are provided to determine the rise time and duration, for most typical
control builidngs, the positive phase will have a rise time of approximately S/U followed by a
duration of ty (Figure 3.10b).



3.5.5 Frame Loading

In addition to the roof loading, the framing system for the building will experience the diffraction
loading which is the net loading on the front and rear walls taking into account the time phasing.
During the time, By /U, that it takes the blast wave to travel from the front to the back of the building

the structural framing will be subjected to the large horizontal unbalanced pressure on the front wall.

After that time the front wall loading is partially offset by the rear wall loading. Figure 3.11 shows the
general form for the lateral frame loading.



3.5.6 Negative Pressure And Rebound Loading

The components of a building will also experience blast load effects, opposite in direction to the
primary blast load effects, due to the negative phase (suction) of the blast wave as discussed in
Sections 3.3.1 and 3.3.2, together with the rebound of the structural components from the inertial
effects of the overpressure loading. As noted above, the negative pressure forces are generally
ignored since they are relatively small or are unquantified for vapor cloud explosions. However, the
structural components of the building should be adequately detailed to perform satisfactorily for the
rebound effects. These effects can be quantified from the time history dynamic analysis of the
structural components as discussed in Chapter 6, or approximated by use of design charts such as
provided in UFC 3-340-02 or ASCE Manual 42.
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FIGURE 3.10: Rear Wall Loading



3.5.6 Negative Pressure And Rebound Loading

The components of a building will also experience blast load effects, opposite in direction to the
primary blast load effects, due to the negative phase (suction) of the blast wave as discussed in
Sections 3.3.1 and 3.3.2, together with the rebound of the structural components from the inertial
effects of the overpressure loading. As noted above, the negative pressure forces are generally
ignored since they are relatively small or are unquantified for vapor cloud explosions. However, the
structural components of the building should be adequately detailed to perform satisfactorily for the
rebound effects. These effects can be quantified from the time history dynamic analysis of the
structural components as discussed in  Chapter 6, or approximated by use of design charts such as
provided in UFC 3-340-02 or ASCE Manual 42.



3.5.7 Leakage Pressures

Blast loads applied to the building exterior can potentially expand into the building through
openings in the walls or roof. These are typically referred to as leakage pressures. As a blast wave
expands through an opening, the pressure level drops due to the restriction and sudden expansion
mto the building volume. Leakage pressures may cause direct bodily njury, njury due to falling
objects such as light fixtures, and equipment malfunctions. Methods are available to compute the
average pressure buildup inside a structure. The reader is referred to  UFC 3-340-02, Section 2-
15.5 for detailed procedures and UFC 3-340-02, Section 1-11 for information on pressures causing
bodily injury.



3.6 COMPUTATIONAL FLUID DYNAMICS

Building blast loads can be determined through the use of computational fluid dynamics (CFD)
computer programs. Effective CFD usage requires a blast design situation where cost-beneficial
results can be realized, as well as experience, time, computer resources, and validation in order to
obtain results accurate enough to justify the significant increase in computer modeling effort. The
basic premise of CFD modeling is to discretize the building and surrounding area encompassing the
blast source and adjacent obstacles into small regular cells of finite volume and then solve the
governing equations for conservation of mass, momentum, and energy within each cell, taking into
account the effects of adjacent cells.

FIGURE 3.11: Net Lateral Load on a Rectangular Building (from TNO Green Book)

Among other uses, CFD could be used to simulate the propagation of blast waves in an
environment of obstacles, to simulate unusually shaped buildings, to simulate leakage through
openings into buildings, to simulate interior explosions, and to simulate near-field explosion effects.
CFD is commonly used in offshore applications where compact, complex layouts are used. CFD is
less commonly used in onshore facilities because confined compact layouts are not typical and
standoff distances from blast source to the point of interest is large. Where applicable, CFD could be
used as an alternative to the more commonly used empirical methods described n =~ UFC 3-340-02
and Section 3.5.

In making a decision to employ CFD, it should be understood that CFD results are sensitive to
modeling techniques and the software used. CFD programs can employ a true first principles
approach which includes turbulence modeling and detailed combustion, or a semi-empirical
approach where simplifications of the explosion source are made, based on test data and guidance,
to simplify and speed the analysis. Phenomenological models are sometimes used to simplify the
analysis by using numerical modeling of selected explosion phenomena to capture important features
of blast propagation. As with most simulations, the greater the detail of the model, the greater the
potential accuracy of the result. For further information, refer to ~ Dhamarvaram, Gas Explosion
Handbook, Hoorelbeke, Hanna, Geng, Wingerden, Herrmann 2005, and Herrmann 2006.



APPENDIX 3
BLAST LOAD EXAMPLE

This example illustrates the calculation of blast loading on the components of a building
subjected to a shock wave traveling horizontally. The building dimensions are as follows:

width, By =93 ft (28.4 m) 3 ft

length, B = 67 ft {204 m) blast

height, By = 15 ft (4.5 m) -
67

Blast Loading:

A blast wave has been given and will be applied normal to the long side of the building. It is
further determmed that the distance to the explosion and the length of the building are such that the
overpressure and duration do not change significantly over the length of the building. The blast
(shock) wave parameters are as follows:
peak side-on overpressure, Po = 6 psi (21 kPa)

duration, ta={0.05 5

shock front velocity, bpal (Equation 3.5}
U = 1130(1 + 0.058 Pi)™

11301 + 0.058 (6 psi)]™ i -

L3012 ftfs (400 m's) 005 s
length of pressume wave, (Equation 3.6)

Lo = U (tz) = (1312 ft's) (0.05 s)= 66 ft (20.1 m)

peak dynamic wind pressure, (Equation 3.4}
g, =0.022 (B,.F = 0.022 (6 psi)* = 0.8 psi {6 kPa)

Front Wall Loading:
The front wall is assumed to span vertically from foundation to roof. The design will be for a

typical wall segment one foot wide.

reflected overpressure, {Equations 3.2and 33)
Pre= [24 0.05 {Pa)] Pao = [2 + 0105 {6 psi)] (6 pai) = 138 psi (95 kPa)

clearing distance, {Section 3.5.1)
5= minimum of By or By'2= 15t {4.5m)

reflected overpressure cleatring time, {Equation 3.8}
=3 (S /U)<tg=3(158)/ (1,312 fi/s) <0.055 =0.034 5

drag coafficient, Ca= 1.0 (Section 3.3.3)



stagnation pressure, {Equation 3.7)
P, =P, +Ca(q.) = (6pai)+ (1.ON0E psi) = 6.8 pai (47 kPa)

front wall impulse, {Equation 3.9)
I. =05 (F-P.+035F, 15

0.5 [(13.8 pai}- (6.8 psi)] (0,034 5) + 0.5 (6.8 psi) (0.055)

0289 psi-s (2 kPa-s)

effective duration, {Eguation 3.10)
=2 Ig / Pp= 2 (0,289 psi-s) / (13.8 pasi) = 0,042 5 138 psi

00425
Side Wall Loading:

The side wall is the same as the front wall, spanning vertically from foundation to roof. Because
the highest loads are on the front wall, a side wall analysis would only be necessary to check the
mteraction of n-plane and out-of-plane shear wall forces. This calculation will be for a wall segment,
L, 1 foot wide (0.3 m).

drag coefficient, Cg = -0.4 (Section 3.3.3)

equivalent load coefficient, {Figme 3.9
Le/Ly = (66 ft) /{1 £} = 66, therefore C. = essentially 1.0

equivalent peak overpressure, {Equation 3.11})
Py= O Py + Cg g = (1.0) (6 psi) + (-0.4) (0.8 pai) = 5.7 psi (39kPa)

rise time, (Figumre 3.5}
=Ly /W= (1) /(1,312 ft's) = essentially 0.0s 5.7 psi

duration, 1y =005 5

0,053

If an average overpressure over the entire side wall is needed, the value of L | would then be
the length of the building. The value of C . would then be less than one and thus reduce the value of
P,. The rise time would become significant.

Roof Loading:
The roofis a slab spanning between roof beams. For the design of the roof, a section 1 foot
wide by 8 feet long will be used.
Ly=808 (24m)
drag coefficient, Ca = -0.4 (Section 3.3.3)

equivalent load coefficient, {Figure 3.9)
L./ Ly = (66 ft) / (8 ft) = B.25, therefore C, = 0.9

equivalent peak overpressure, {Equation 3.11})
P, =C. Py + Ca qp = (0.9} (6 pai} +(-0.4) (0.8 psi)= 5.1 psi (35 kPa)
rise time, {Figure 3.8}
=L/ U= {8/ {1,312 f'z)=00063

5.1 psi
titne of duration, 14 = 0035 5 pst
total positive phase duration, -

: =
Lo = I + ta= (0.006 5} -+ (0.05 8) = 0.056 5 0.006 5 0.056 5



For a structural roof element oriented in the opposite direction, the length of the element in the
direction of the traveling wave, L | would be only 1 foot (0.3 m). In this case, as for the side wall

panel, there would be essentially no averaging necessary.

If an average overpressure over the entire roof’is needed, the value of L | would then be the
length of the building. The value of C . would then be reduced along with the value of P ,. The rise
time would be greater.

Rear Wall Load:

The rear wall is proportioned the same as the front and side walls, spanning vertically from
foundation to roof. Because the highest loads are on the front wall, a rear wall analysis would only be
necessary to determine a net loading on the overall building. The analysis will be for a wall segment 1
foot (0.3 m) wide.

drag coefficient, Cg = -0.4 (Section 3.3.3)

equivalent load coefficient, {Fipure 3.9)
Lo/ 5= (66 ft) /(15 ft) = 4.4, therefore C, =0.88

equivalent peak overprassure, {Equation 3.11)
Po = Co Poo+ Cago = (0.88) (6 psi) + (-0.4) (0.8 psi) = 5.0 psi (34 kPa)

time of arrival, (Section 3.5.4)
=B /U =67 f1) /{1,312 f's) = 0.05] 5

rise time, (UFC 3-340-02)

=8 U ={15f)}/{1,312 {t's) = 0.01] 5
5.0 pai
duration, ta=0.05 5

.

i =3
0011 5 0.061s

total positive phase duration,
o=ty +tg= (0011 ) + (05 5)= 006l 5



CHAPTER 4
TYPES OF CONSTRUCTION

4.1 INTRODUCTION

The design of blast resistant structures requires the use of good design and construction
practices as well as knowledge of the characteristics of the blast loading and the behavior of
structures and their components under these loadings. After determining the loading condition and the
siting considerations, the engineer participates in selecting the type of construction that is required to
withstand the potential loading condition. Although all types of construction provide some level of
blast resistance there are some types of construction that are more appropriate than others.

Non-structural considerations such as safety, operation, architecture, cost and owner
preference may dictate the shape, orientation, and layout of a plant building. In establishing these,
however, the engineer should also consider the requirements for blast resistant construction.



4.2 GENERAL CONSIDERATIONS

The most important feature of blast resistant construction is the ability to absorb blast energy
without causing catastrophic failure of the structure as a whole. Construction materials in blast
protective structures must have ductility as well as strength. Furthermore, in a plant explosion, a
building will be exposed to a lateral force resulting from the blast loading on one side. For a structure
to exhibit any measure of blast resistance, its frame and foundation must be capable of absorbing this
large lateral load. This requirement is similar to that for earthquake resistant design. In general,
structures and types of construction which are earthquake resistant are also to some degree blast
resistant. Structure component parts must possess adequate deformation capacity to form the yield
mechanism.

Reinforced concrete is generally considered the most suitable and economical construction
material for blast resistant buildings, especially for those close to a potential blast source where they
are likely to be subjected to relatively high overpressure and thermal effects in the event of an
explosion. However, pre-engineered metal buildings, if properly designed, can be used if sited at
appropriate distances from hazards.

Brittle material is not suitable for blast resistant structures. Unreinforced concrete, brick, timber
and unreinforced masonry are examples of this type of construction material. Besides being
vulnerable to catastrophic sudden failure under blast overload, they provide a source of debris which
can cause major equipment damage and serious personnel injuries when hurled by the blast. Timber
and wood products used for plant buildings can become fire hazards. The principal criterion for
evaluating such construction is its mode of failure if severe overloading occurs. This type of material
should only be used in the exterior shell of a blast resistant structure when adequate steel reinforcing
is used to assure ductile behavior and ductile frames are provided to give the structure lateral
resistance to blast loads. If, in an otherwise ductile structure, brittle behavior of some elements
cannot be avoided, as is the case for axially loaded reinforced concrete columns or for shear walls,
the margin of safety for these elements should be ncreased; that is, their capacity should be
downgraded.

The plan (outline) and elevation profiles of a blast resistant building should be as “clean and
simple” as possible. Reentrant corners and offSets, in particular, should be avoided. Such features
create local high concentrations of blast loading. The orientation of the building should be such that
the blast induced loads are reduced as much as possible. This requires that as small an area of the
building as possible should face the most probable source of an explosion.



4.3 COMMON SYSTEMS FOR PETROCHEMICAL BUILDINGS

Conventional building construction may provide some level of blast resistance. However,
certain features of ordinary building construction, such as large windows, unreinforced masonry
walls, and weak structural connections, could make these buildings vulnerable to even low-level blast
effects. Conventional construction includes pre-engineered steel framing with metal cladding and steel
framing with masonry or precast concrete walls. Usually these buildings are designed only for dead,
live, wind, and seismic loads. These types of structures could withstand (without collapse) blast
loadings on the order of 1.0 psi (6.9 kPa) side-on overpressure. Outlined below are types of
common construction appropriate for increasing levels of blast forces and decreasing spacing from
potential hazards.



4.3.1 Pre-engineered Metal Building Construction

Enhanced pre-engineered metal buildings are comprised of steel frames with cold-formed steel
panels supported on cold-formed steel girts and purlins as illustrated in Figure 4.1. The steel frame is
designed to resist all vertical and lateral loads. Design improvements to enhance blast resistance can
be achieved by:

e Specifying closer spacing of steel frames

e Using symmetric sections (back-to-back C-shapes) for girts and purlins and reducing their
spacing.

¢ Increasing size of anchor bolts and strengthening wall panel connections at the foundation and
at the roof.

¢ Increasing the number of cladding fasteners and using oversized washers to reduce tear-out of
siding material.

e Fixed base of columns

With enhancements, these buildings have blast resistance ranging from 1 to 3 psi (6.9 to 21
kPa) side-on overpressure.



4.3.2 Masonry Wall Construction

Reinforced masonry clad buildings are very similar to conventional commercial buildings
normally constructed to resist conventional loading. A structural steel or concrete frame is used to
support vertical loads and in some cases to resist lateral forces. Reinforced masonry is used for the
exterior walls and is designed to span either vertically or horizontally. The reinforced masonry walls
that run parallel with a directional blast force can also be used as shear walls to transmit lateral forces
to the foundation. The reinforced masonry wall is attached to the building frame to tie all components
together and provide resistance to rebound forces. This type of building can be economically
designed to withstand blast loadings on the order of 3 psi (21 kPa) side-on overpressure.



4.3.3 Metal Clad Construction

Metal clad buildings utilize conventional "stick-built" design and use hot-rolled structural shapes
for frame, girts, and purlins. Metal siding or insulated sandwich panels, with thicker gauge metal and
more connectors, are used for exterior walls. As for pre-engineered metal buildings, the steel frame
resists all vertical and lateral loads. The connections are enhanced to develop the full plastic strength
(ultimate moment and/or shear capacities) of the structural members. This type of building can be
economically designed to withstand blast loadings on the order of 3 psi (21 kPa) side-on
overpressure.

FIGURE 4.1: Enhanced Pre-Engineered Metal Building



4.3.4 Precast Concrete Wall Construction

This type of construction uses precast concrete walls with steel or concrete frames (Figure 4.2).
The frame resists all vertical loads and precast shear walls resist lateral loads. Ductile connections for
precast panels are an important consideration. Precast panels are made with embedded steel
connection devices attached to the building frame by bolting or welding. The roof'is usually a
concrete slab on metal deck. The metal deck is attached to steel framing by studs or puddle welds.

This type of construction can be economically designed to withstand blast loading on the order of 7
to 10 psi (48 to 69 kPa) side-on overpressure.
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FIGURE 4.2: Precast Concrete Wall Building



4.3.5 Cast-in-Place Concrete Wall Construction

Cast-in-place concrete construction ( Figures 4.3 and 4.4) is used to resist relatively high blast
overpressures where precast concrete is not economical or practical. Horizontal loads are resisted
by shear walls. The structure depends on a structural steel or concrete frame to support vertical
loads. Thickness ofthe concrete walls and size and placement of the reinforcing steel can be chosen
to provide resistance to any anticipated design blast loads. This type of construction would normally
be required for side-on blast overpressures greater than 7 psi (48 kPa).
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FIGURE 4.3: Cast-in-Place Concrete Wall Building (steel frame)
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FIGURE 4.4: Cast-in-Place Concrete Wall Building (concrete frame)



4.4 BLAST RESISTANT MODULAR STEEL-FRAMED BUILDINGS

Blast resistant modular (BRM) steel-framed buildings have been utilized in petrochemical
facilities and are becoming more common — both for turnaround situations and as alternatives to
conventional in-place construction. These modular buildings utilize steel structural frame members
(usually HSS members that are ‘seismically’ compact per AISC 341) with crimped steel plate walls.
The method of attaching the plate walls to the frame members typically does not utilize mechanical
fasteners; rather, continuous welded construction is usually used. Roofjoists and floor joists (usually
seismically compact steel sections) typically support flat plate roofs and floors. BRM buildings have
been designed to withstand blast loadings up to 20 psi (138 kPa). BRM buildings may be anchored
or unanchored. If unanchored, they may slide which can result in additional risks (refer to Section
4.4.3). Typical ‘building blocks’ are 10 to 14 ft (3.0 to 4.3 m) wide by 20 to 50 ft (6.1 to 15.2 m)
long. BRM buildings can range from single module structures to multi-module and multi-story,

integrally-connected structures, with floor areas over 10,000 ft> (929 n’) (Figures 4.5-4.7). Refer to

FIGURE 4.5: Single Blast-Resistant M odule
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FIGURE 4.6: One-Story, Five Module Complex



4.4.1 Design Approach

Steel-framed modular buildings may be designed using dynamic structural analyses ranging from
the basic single degree of freedom analysis (SDOF) method to nonlinear transient dynamic finite
element analysis. With fully-welded connections between the exterior steel cladding crimped wall
panels and the structural frame members as well as the frame member-to-member connections,
modular buildings improve their blast capacity by providing a high level of continuity. This steel plate-
member construction can be effectively modeled using either an SDOF or a finite element analysis
(FEA) approach. The engineer should account for response/failure modes in the analysis, including
tension membrane effects and plastic strain limitations, both of which can be more appropriately
captured using the FEA approach. Refer also to Section 7.3.

Nonlinear finite element analysis methods may be used to evaluate the dynamic response to
blast loads of a single building module or a multi-module assembly. This global approach can remove
some of the conservatisms associated with breaking the building up into its many components when
using the SDOF approach. Geometric and material nonlinearity effects are normally utilized in such
analyses. These analyses are typically carried out using a finite element program capable of modeling
nonlinear material and geometric behavior in the time domain.  Figure 4.8 shows a finite element
model for a six-module complex. Doors and other openings can be explicitty modeled as shown.



4.4.2 Acceptance Criteria

Structural components (i.e., frame members, roof’joists and exterior crimped wall cladding) are
designed to meet the acceptance criteria associated with the desired level of protection. Acceptance
criteria for structural members, as presented in  Table 5.B.2 , can be used to evaluate steel frame
members used in modular building construction. Unlike light-gage material, the crimped panel walls
employed in blast resistant modular buildings are usually a minimum 10 gage (approximately 1/8 in.
[3.2 mm] thick), but are more often 3/16 to 5/16 . (4.8 to 7.9 mm) thick structural steel plate
material, often with a depth of 5 in. (127 mm) for onerous blast conditions. These wall panels exhibit
greater levels of ductility and flexural capacity coupled with a much lower propensity to buckle (both
locally and globally) than light gage corrugated metal panels used in conventional metal-clad building
construction. This is because of a number of factors, including: a higher flexural strength of the panel
cross section; a greater resistance against local buckling which allows greater ductility (before tensile
membrane action occurs) than conventional light-gage metal panels; a symmetric, tight crimp pattern;
and a relatively large thickness-to-corrugation depth ratio of typical panels. Therefore, higher values
for response limits than those specified for cold-formed light gage panels in Table 5.B.2 canbe
justified for the crimped panel wall plates used in modular buildings. However, because the wall
panels are crimped, rather than flat and are thicker, it is suggested that the response criteria be
generally limited to values between those specified for cold formed light-gage panels and steel plates.
Ifthe engineer accounts for local buckling and other response modes in prediction of deformation, by
analysis or test, the acceptance criteria for steel plates would be appropriate.




FIGURE 4.8: Deflected Shape under Roof Blast Loading on Six-M odule Complex

Further, it is also recommended that the allowable accumulative plastic strain during the
complete analysis be evaluated for the crimped wall panels. Continuity of welded connections is
critical to the performance of these types of structures and reduced ductility of the welds should be
considered. Specifically, the effects of tension membrane fracture limits should be considered (refer
to NORSOK). Refer to Section 5.6 for further details on response criteria.

Note that the objective of finite element analysis methods for this class of building is to predict
global and member responses, but not necessarily to predict local stress/strain concentrations at
small discontinuities around penetrations, and  therefore there is a high degree of sensitivity of
predicted plastic strains to the mesh refinement used.



4.4.3 Anchored or Free to Slide?

Many blast resistant modular buildings are designed to be permanent installations with their
anchorage and foundations designed to resist the total anticipated blast loads. This design approach
can result in quite large foundations. Refer to Section 7.7 for a further discussion on foundation
design strategy for blast resistant buildings.

However, in the case of modular blast resistant steel buildings, some owners have taken the
approach that the foundations and anchorages need only be designed for normal design loads (loads
other than blast). In this case, the building’s anchorages are permitted to ‘break’ during a blast event
(they act as anchorage ‘fuses’), but are designed to remain intact under other design loads.
Alternatively, the building can be designed to be completely unanchored (free to slide) for both blast
and other loading effects, subject to the local building official’s anchorage requirements for gravity,
wind and earthquake loading. Whether a building should be anchored for blast, anchored for other
loads (but not for blast) or completely unanchored (and free to slide), depends on the anticipated use
of the building, whether or not potential down time is acceptable following a blast event, the amount
of flexibility in the utility connections (power, water, wastewater, gas) and, most importantly, the
owner’s tolerance to risk. Owners should make this decision on many factors, including risk, safety,
cost, magnitude and probability of blast.

If the building is unanchored (free to slide) for blast loading, or only anchored for conventional
loads with a structural anchorage fuse, the maximum sliding displacement, velocity, and acceleration
of the building can be estimated using impulse-momentum first principles, simplified numerical
mtegration methods or finite element analysis. The contents and personnel within the building should
be evaluated for these actions. In this case, the structural movement may result in impact/damage to
attached utilities and building contents, as well as the possibility of injury to personnel, due to
mteraction with the structure, fixed equipment and internal moving objects (typically unrestrained and
falling objects). In such interactions, the critical components of motion can be local accelerations,
velocities and displacements that govern local forces and energies of impact, including the propensity
to topple over and fall. Permanent fixtures and equipment should be designed to withstand the
calculated local building motions as a result of blast loads. Anchorage and restraint techniques for
nonstructural items have long been used for earthquake design (FEMA 412, FEMA 413, FEMA
414, SMACNA). Attached utilities should also be designed to accommodate expected movements
or fail in a safe manner.

As stated above, the decision as to whether or not these displacements, velocities and
accelerations are acceptable to an owner depends on the anticipated use of the building, whether or
not potential down time is acceptable following an event, flexibility in the utility connections and, most
importantly, the owner’s tolerance to risk. Since the building will act as an external pressure barrier,
the design of internals need only consider the effects of movement. Definitive evaluation criteria for
mteractions with personnel are not available, but criteria do exist (Baker). Additional criteria for
projectile impact (such as falling objects) are also available (TNO Green Book). Note that
architectural and nonstructural components may become debris hazards. UFC 3-340-02 provides
some guidance on tolerance of mechanical and electrical equipment as well as personnel. For
sensitive and critical equipment that must function during and after the event, verification by shock
testing with the induced motions consistent with expected structural motions may be needed.

For modular buildings that are free to slide, the calculated permissible sliding displacement



sometimes has been limited to 12 in. (300 mm), but as stated above, this is very much an owner
decision and is specific to the building being designed. In all cases, buildings that are not anchored for
blast must have a high margin against overturning and the propensity to uplift should be calculated. In
the case of significant uplift, application of pressure to the underside of the building should be
considered, as this further adds to the overturning moment and magnitude of uplift.



4.4.4 Elevated Modular Buildings

If the modular building is elevated and the ‘gap’ between the building and the foundation is
judged to be significant, the blast load applied to the underside of the building should be considered.
Calculation of pressures on the underside of modular buildings that are slightly raised above grade or
in the small gap between stacked modules in multi-story applications can be determined through
computational fluid dynamics (CFD) methods. Alternatively, blast resistant skirts can be provided.
Such skirts may need to be removable or constructed with access portals in order to service the
underside of the building, where there are often electrical penetrations. Accordingly, skirts may need
to be bolted to the buildings.



4.4.5 Connection Design

Ifpossible, joints and connections shall be designed to be capable of developing the full
capacities of the connected members. Otherwise, the connection strength should be designed, at a
minimum, with capacities in excess of the maximum transferable loads from the members framing into
the connection. If a multi-module building is used, connections between adjacent modules are a
critical aspect to consider. Racking of adjacent modules should be avoided.

The primary connections typically include the jonts for the man framing members, the
connections between beams/columns and base plates, and the connections between the base plates
and the embedded plates at anchor points. The secondary connections typically include those
between roof joists and roof perimeter beams, floor joists and floor perimeter beams, the roof plate
and roofjoists, plate and floor joists, and the crimped panel walls and the main framing beams and
columns.

Connection designs at the foundation anchorage points are more critical if the building is
designed to be anchored due to the difficulty of achieving significant energy absorption through
plastic deformation for the blast loads transferred through these connections.



4.4.6 Projectile Resistance

Modular blast resistant buildings should be evaluated for projectile resistance if they are to
provide a safety function for their occupants and if projectile impact is considered a credible
scenario. Both Baker, and UFC 3-340-02 provide methods of calculating likely impact speeds of
projectiles as a function of blast overpressure. Explicit finite element analysis is one way to evaluate a
BRM'’s capability to resist projectile impact at the calculated speeds. Fragment impact and
perforation effects can also be evaluated using semi-empirical techniques, refer to  Baker. Refer to
Section 7.8 for additional guidance. Also note that if finite element analysis methods are used to
predict the complex and highly nonlinear interaction between a projectile and its target, the results
should be carefully reviewed and bounding calculations using empirical methods should be
considered.



4.4.7 Transportation and Lifting Analysis

Interior modules of multi-module complexes tend to be flexible and, if this is the case,
transportation and lifting analyses may be warranted to prevent possible damage to interior non-
structural components during these phases of'the life cycle. Temporary bracing may be required
during transportation.



4.4.8 Temporary Buildings

Blast resistant modular buildings may be used as temporary structures and may be moved from
site to site over their lifetime. Ifthis is case, care should be taken to ensure that accumulated damage
to the building’s main structural components due to rugged service conditions and repeated
transportation does not result in a compromised blast resisting system. Therefore, routine inspections
should be performed to this end.



4.5 OTHER SYSTEMS

Under special circumstances the following types of construction may be considered.



4.5.1 Pre-Engineered Concrete Boxes

Pre-engineered concrete boxes can be used to provide smaller buildings. These buildings are
manufactured in a factory, are pre-wired, come with HVAC installed and are truck delivered to the
site ready to be secured to a foundation and connected to desired utilities. These buildings are

economically designed to withstand 1 to 3 psi (6.9 to 21 kPa) side-on overpressures.
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FIGURE 4.9: Arch Building



4.5.2 Arch and Dome Structures

Arches and domes ( Figure 4.9) possess two advantages which can be exploited to obtain a
high level of blast resistance. The first is a reduction in load, which comes from the curved surface
being exposed to the blast wave. The second advantage is the high efficiency in strength which such
structures possess from their geometry. Disadvantages of these types of structures arise from
restricted interior space that is available for the same building footprint and the higher cost of
construction.



4.5.3 Earth Embanked Structures

Earth embanked structures can be used if space is available (  Figure 4.10). When possible,
advantage can be taken of the high blast resistance of earth-covered structures either above or
below ground since this form of construction is extremely resistant to high blast overpressures.
Disadvantages include additional space required, non-conventional appearance, and effects of site
conditions such as high water table.



4.5.4 Portable Buildings

Portable buildings are often used at petrochemical facilities on a temporary basis. These
structures are typically designed and manufactured for wind and snow loads only but seldom contain
any provisions to resist blast loads. Portable buildings are typically constructed with timber framing
with aluminum or light gage steel wall and roof cladding. Wall studs are often notched to minimize
section thickness further weakening the trailer’s blast resistance. The structures referred to here are

quite different than steel framed modular buildings which are specifically designed for blast loads.
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FIGURE 4.10: Earth Embankment Building

A recent accidental explosion resulted in multiple fatalities from the use of portable buildings
located near the explosion center. As a result, significant changes in the use of portable buildings in
petrochemical plants have been made. The American Petroleum Institute (API) has published ~ API
RP 753 (Management of Hazards Associated with Location of Process Plant Portable Buildings) for
siting of portable buildings. This document provides information regarding siting of this building type
under blast conditions in explosion accidents. The reader is encouraged to consult this document for
siting of portable buildings.



CHAPTER 5§
DYNAMIC MATERIAL STRENGTH AND RESPONSE CRITERIA

5.1 INTRODUCTION

Design of structures to resist the effects of accidental explosions at petrochemical plants
requires a knowledge of the dynamic properties of structural materials as well as the allowable
responses of components and systems. Materials and structural systems respond differently to
dynamic loads produced by explosions than to statically applied conventional loads and it is
imperative that the engineer understand these differences. Under dynamic loading, materials achieve
a strength increase which can significantly enhance structural resistance. Structures subjected to blast
loads are typically allowed to undergo plastic (permanent) deformation to absorb the explosion
energy, whereas response to conventional loads is normally required to remain in the elastic range.

Design of petrochemical facilities for accidental explosions is similar in many ways to design of
facilities for high explosive detonations, nuclear weapons effects and nuclear power accidents for
which design guides are available. However, blast design for petrochemical plants is different in that
more structural damage may be tolerated, in accordance with a company’s blast protection
philosophy.

This chapter provides material properties and response criteria necessary to design facilities
constructed of reinforced concrete, reinforced masonry, structural steel and cold formed steel. Static
and dynamic properties are covered for the materials used in these facilities. Allowable response
criteria are covered for both individual members and structural systems.



5.2 STATIC VERSUS DYNAMIC RESPONSE

Conventional loads, such as wind and live loads, are applied relatively slowly to a structure and
remain constant for a relatively long period of time compared to the response time of the structure.
Blast loaded structures experience a very rapid application of the load and a corresponding rapid
rise in member stresses. This load is transient and will normally return to ambient conditions in a short
period of time (typically milliseconds).

In conventional design, stresses are limited to the elastic range. In blast design, yielding is
acceptable and in fact desirable for economic reasons. As the member is stressed in the plastic
region, it continues to absorb the blast by balancing the kinetic energy of the explosion against the
strain energy of the member. Total strain energy available is a function of dynamic material
properties, section properties and the amount of plastic deformation permitted. The total amount of
blast energy required to be absorbed is a function of the peak load and duration of'the blast.
Adequacy of a blast loaded member is based on maximum deformation rather than stress level.

Material response under dynamic loads is markedly different than for static loads. As a material
is loaded rapidly, it cannot deform at the same rate at which the load is applied. This creates an
increase in the stress level at which yield occurs as well as the ultimate stress achieved prior to
rupture. In general, the faster the material is deformed (strain rate) the greater the increase in
strength. The resulting strength increase allows members to develop structural resistance in excess of
their static capacity. This increase can be on the order of 10-30%, thus it is too significant to ignore
these effects when computing flexural response. Connection forces and loads on supporting
members will be underestimated (unconservative) if this strength increase is ignored. This effect is
accounted for in blast design by the use of a dynamic increase factor, or DIF (refer to Section
5.5.4).



5.3 RESISTANCE-DEFLECTION FUNCTION

Structural elements resist blast loads by developing an internal resistance based on material
stress and section properties. To design or analyze the response of an element it is necessary to
determine the relationship between resistance and deflection. In flexural response, stress rises in
direct proportion to strain in the member. Because resistance is also a function of material stress, it
also rises in proportion to strain. After the material in the outer fibers reaches the yield limit, the
relationship between stress and strain, and thus resistance, becomes nonlinear. As the outer fibers of
the member continue to yield, stress in the interior of the section also begins to yield and a plastic
hinge is formed at the locations of maximum moment in the member. If premature buckling is
prevented, deformation continues as the member absorbs load until rupture strains occur.

Variation in internal resistance can be related to the strain because stress in a member is a
function of the strain experienced at a given point. Deformation of a key point on the member can
also be related to the strain producing a relationship between resistance and deflection as shown by
the curve in Figure 5.1 . Elastic resistance is the level at which the material reaches yield at the
location of maximum moment in the member. Beyond the point of first yield of a member, plastic
regions are formed in the section and an elastic-plastic condition occurs. Internal resistance continues
to increase as the stress in other locations of the member rises in response to the applied load
although at a lower slope than the elastic region. During this period, portions of the member are
responding plastically while other sections are responding elastically based on cross section and
location along the member. As the response continues, other critical sections reach yield and
additional plastic hinges are formed. Each yield pomnt changes the slope of the resistance-deflection
curve. When the last section yields, no additional resistance is available and the resistance-deflection
curve is flat. The area under this curve represents the total strain energy available to resist load at a

given deflection.
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FIGURE 5.1: Typical Resistance-Deflection Curve



5.4 MATERIALAND STRUCTURAL ELEMENT TYPES

A brief description of the materials and structural elements used in blast design applications is
covered in this section. Response of each material to blast loads is described along with typical
applications.



5.4.1 Reinforced Concrete

The high resistance and mass provided by reinforced concrete structures makes it particularly
suited for buildings located in close proximity to explosion sources. Concrete also provides effective
resistance to fire and projectile penetration which are important considerations in many explosion
accidents.

Reinforced concrete is a complex material to model due to the brittle nature of concrete and
non-homogenous properties. Although sophisticated methods are available to model crack
propagation and other responses, simplified methods are normally used in blast design of facilities.
These methods are based on a flexural response and rely on elimination of brittle modes of failure.
To achieve a ductile response for concrete, proper proportioning and detailing of the reinforcing is
necessary.

As the member is strained, the reinforcing bars yield and allow formation of plastic hinges.
Concrete in these regions is cracked on the tensile face and subsequently reaches crushing strain on
the compressive face. If rotation of the hinge increases beyond this point in a singly reinforced
section, the concrete will be dislodged and will be incapable of providing a compressive component
for the internal resisting couple. Additional rotation can be achieved in doubly reinforced sections if
flexural reinforcing is sufficiently restrained by shear reinforcing. In these plastic hinge regions, the
mternal resistance of the section is provided by a couple formed between the reinforcing bars.
Sections that are singly reinforced must be limited to a low response to avoid brittle failure and their
use is discouraged i blast design. Rebound of a structural member under dynamic loads produces a
reversal of the forces in the section and also dramatically reduces the resistance of a singly reinforced
member. Additional discussion of reinforced concrete response is provided in Chapter 7.

Prevention of brittle failure modes is accomplished by limiting concrete shear stresses or by
increasing material strength, section thickness or shear reinforcing. The amount of flexural reinforcing
in a member is also limited to assure that the tension reinforcing yields before concrete crushing can
occur. Shear steel may be used to increase shear resistance, confine the flexural reinforcing and
prevent buckling of the bars in compression.

UFC 3-340-02 indicates that Grade 60 reinforcing bars (No. 11 and smaller) have sufficient
ductility for dynamic loading. Bars with a higher yield strength may not have the necessary ductility
for flexural resistance and shop bending, thus straight bars should be used when possible for these
materials. Welding of reinforcement is generally discouraged for blast design applications; however, it
may be required for anchorage. In these cases, ASTM A706 bars may be used.

A minimum concrete compressive strength of 3,000 psi (20.7 MPa) should be used to reduce
the probability of shear failures. A value of4,000 psi (27.6 MPa) is preferred.



5.4.2 Reinforced Masonry

Due to its relatively high mass, reinforced masonry buildings can be cost competitive with
lightweight metal buildings for low range blast loads. Reinforced masonry responds to dynamic loads
similar to reinforced concrete, with similar increases in dynamic strength as the strain rate increases.
Limited options for placement of reinforcing and low shear strength of mortar joints are significant
disadvantages as compared to reinforced concrete. Although unreinforced masonry structures are
common in older facilities, they typically do not have sufficient ductility to resist any significant blast
load and may be totally inadequate.

Hollow masonry units should conformto ASTM C90, Grade N. Joint reinforcing should meet
the requirements of ASTM A82 with a minimum yield stress of 70 ksi (483 MPa) and a minimum
ultimate strength of 80 ksi (552 MPa). Grade 60 bars should be used for primary reinforcing.



5.4.3 Structural Steel

Low and medium carbon structural steels, such as A36, A572, A500 ,and A992, are
sufficiently ductile for blast design applications. Use of high strength materials (greater than nominal
50 ksi, 350 MPa, yield) should be avoided in most applications to prevent problems with decreased
ductility. A572 and A992 material is very common for conventional and blast loaded structures. A
dual specification is currently being produced by several suppliers. Additionally, a maximum strength
steel is being evaluated by the industry to guard against elements which possess greater resistance
than calculated. This can produce a situation in which support reactions may be greater than
predicted. In certain situations, such as blast door latch bolts, high strength steel may be required to
provide the required resistance. Brittle modes of failure, such as shear, should be examined carefully
in these applications.

To achieve large deformations without failure, steel members must be sufficiently laterally
braced and connected to avoid buckling and instability problems. As unstiffened elements buckle, the
cross sectional properties are reduced and the resistance is lowered.



5.4.4 Cold Formed Steel

For low blast pressure applications, cold formed steel members can provide a cost effective
cladding for buildings. Cold formed members include decking panels as well as "Z"and "C" shapes.
Members complying with the requirements of ASTM A653 have yield strengths ranging from 33 ksi
(228 MPa) to 65 ksi (450 MPa).

A key consideration in the design of cold formed members for blast is premature buckling of
the relatively thin webs. This response limits the ultimate resistance which can be obtained by
reducing the load capacity due to a change in the cross section. A factor 0f 0.9 is recommended to
be applied to the design resistance to model this reduction.

Special precautions must be taken regarding end bearing for these members to avoid crushing
ofthe web at peak response. If end bearing controls, the allowable response is limited to reduce the
chance for non-ductile failure. Connections for these members also present difficulty because of the
thin web material. To develop the ultimate strength of a member, multiple fasteners may be required
so that the shear strength of the material is not exceeded.

At large deflections, metal panels respond in membrane action. In this mode, resistance to blast
loads is provided by stretching of the panel rather then flexure ( Figure 5.2 ). Panels can be quite
strong since this is a very efficient structural action; however, end anchorage is extremely important
to achieving significant capacity. Resistance to blast loads of more than 2-4 psi (14-28 kPa) will
normally require tensile membrane response.

Where fragment hazards are a concern, cold formed panels may not be suitable because they
have a very low resistance to fragment penetration.



5.4.5 Open Web Steel Joists

Conventional reinforced masonry structures as well as steel frame buildings often utilize open
web steel joists to provide support for roof decks. Principal concerns for these members are
crushing of the web at the ends due to high shear forces and instability in the bottom chord during
rebound of the section. Older steel joists have performed surprisingly well in many explosion
accidents provided they are adequately attached at the supports. This typically requires additional
welding of the chord members to the embedded plate. Bracing for the bottom chord throughout the
length of the member is not normally provided for conventional designs but is crucial to achieving
acceptable response.
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FIGURE 5.2: Typical Membrane Response (from UFC 3-340-02)

Quality of joist welds is also critical to achieving a ductile response. Welding is performed to
Steel Joist Institute standards and the lack of specific criteria may prevent development of a
predictable ultimate capacity. Special precautions must be taken to remedy this problem such as
requiring manufacture in accordance with AWS criteria. Open web steel joists are intended for
relatively low static loads and thus are suitable only for low dynamic loads as well



5.4.6 Anchor Bolts

Blast loaded structures produce high reaction loads at column supports. This usually requires
substantial base plates as well as high capacity anchor bolts. Achieving full anchorage of these bolts
is of primary importance and will usually require headed bolts or plates at the embedded end of the
bolts to prevent pullout. When anchor bolts are securely anchored into concrete, the failure
mechanism is a ductile, tensile failure of the bolt steel. Insufficient edge distance or insufficient spacing
between bolts results in a lower anchorage capacity and a brittle failure mode.

Post-nstalled bolts will be required at times for attachment of equipment which may be
subjected to large accelerations during a blast. Expansion anchors should be avoided for most blast
design applications unless the load levels are low. Typically "wedge" type anchors are qualified for
dynamic loads although most of these ratings are for vibratory loads and are based on cyclic tests at
low stress levels. These should only be used where ultimate loads are less than the rated capacity
with a margin of safety. Epoxy anchors have shown excellent dynamic capacity and may be
considered for critical applications.

Often anchor bolts are designed for the maximum axial and shear reactions at the base of the
columns as a static load. This method requires a large number of bolts  even using dynamic material
properties. In reality, the bolts will yield under tensile loads and to some degree, shear loads. That is
why it is important to use ductile materials for bolts (ASTM F1554 is commonly used) to guard
against sudden failure under peak stress. It is possible to model the tensile response dynamically and
take advantage of the strain energy capacity of the bolts. This allows the bolts to respond to the
load-time history rather than just a peak load. A dynamic analysis is warranted only for special
situations, such as where the reuse of existing bolts is important. For typical designs, a dynamic
analysis is not performed because there may not be a cost benefit over a static bolt design. Because
shear deformations are more difficult to model and generally don’t control bolt sizing, bolts are
designed for the maximum predicted shear load rather than a time history response.



5.4.7 Soil

Blast accident experience has shown that foundation failures are rare. This appears to be the
result of simplified conservative designs, underestimated soil strengths, and the large energy
absorbing capacity of the soil. Soil properties should be obtained from a subsurface investigation.
Properties from a subsurface mvestigation include recommended allowable bearing pressures,
cohesion values, angle of internal friction as well as active and passive earth pressures for static
loads. The values reported normally incorporate a factor of safety so that they can be used with
service loads. This factor of safety can be used to convert service load capacities to ultimate strength
values. A geotechnical engineer should be retained to provide soil properties for blast loads.

Soil lacks significant tensile capacity and friction strength drops off dramatically under dynamic
loading. Provisions must be made in the design to resist uplift loads in columns foundations and other
areas where soil is placed in tension. The nonlinear nature of soil makes modeling of dynamic
response difficult. Typically, foundations are designed to resist the peak blast load or the maximum
dynamic reactions of the supported member applied as a static load. It is possible to model dynamic
response but the engineer must be careful not to overestimate allowable response. "Weak" soil
properties (low strength) should be used to conservatively determine maximum dynamic response of
the soil and supported structure. "Strong" properties should be used for the same soil to obtain
maximum bearing pressures and member forces. TR 4921 provides a detailed discussion of soil
behavior and recommendations for analysis and design.



5.5 DYNAMIC MATERIAL PROPERTIES

This section describes the dynamic properties of materials used in structures designed to resist
blast loads at petrochemical facilities. Static properties are available from a number of references and
are not repeated in this chapter, except to indicate minimum acceptable values. Dynamic response of
these materials has been studied extensively; however, their dynamic properties are not as widely
published. Procedures for obtaining these properties will be covered here in sufficient detail to permit
an accurate determination for design and analysis of petrochemical structures.



5.5.1 Stress-Strain Relations hips

Response of'a material under static or dynamic load is governed by the stress-strain
relationship. A typical stress-strain diagram for concrete is shownin  Figure 5.3. As the fibers of a
material are deformed, stress in the material is changed in accordance with its stress-strain diagram.
In the elastic region, stress increases linearly with increasing strain for most steels. This relation is
quantified by the modulus of elasticity of the material.

Concrete does not have well defined elastic and plastic regions due to its brittle nature. A
maximum compressive stress value is reached at relatively low strains and is maintained for small
deformations until crushing occurs. The stress-strain relationship for concrete is a nonlinear curve.
Thus, the elastic modulus varies continuously with strain. The secant modulus at service load is
normally used to define a single value for the modulus of elasticity. This procedure is given in most
concrete texts. Masonry has a stress-strain diagram similar to concrete but is typically of lower
compressive strength and modulus of elasticity.

For steel materials, the shape of the curve is much different than for concrete as can be seen in
Figure 5.4. Steel is relatively ductile and is able to achieve large strains prior to rupture. Low carbon
structural grade steels (e.g. A36, A572) exhibit a well defined yield pont followed by a flat yield
plateau. High strength steels do not have a sharp break at the elastic limit and the yield region is very
nonlinear. Low carbon steel materials are particularly suited to blast resistant design because they are
able to deform well beyond the elastic limit without rupturing. This produces a long resistance-
deflection curve to absorb the blast energy while avoiding brittle fracture problems. High strength
steels should be avoided for general construction due to their low ductility. Special applications, such
as blast doors and shields, may require high strength materials to achieve the desired resistance.
Selection of static proper:tries for high strength materials should be made conservatively.
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FIGURE 5.3: Typical Stress-Strain Curve for Concrete (from ASCE M anual 42)

Stress-strain relationships for soil are difficult to model due to therr complexity. In normal
practice, response of soil consists of analyzing compression and shear stresses produced by the
structure, applied as static loads. Change in soil strength with deformation is usually disregarded.
Clay soils will exhibit some elastic response and are capable of absorbing blast energy; however,
there may be insufficient test data to define this response quantitatively. Soil has a very low tensile
capacity; thus the stress-strain relationship is radically different in the tension region than in
compression.



5.5.2 Strength Increase Factor (SIF)

Static properties are readily available from a variety of sources and are well defined by national
codes and standards organizations. Specifications referenced in the codes define mmimum
mechanical properties for various grades of material. In practice, the average yield strength of steel
materials being installed is approximately 25% greater than the specified minimum values. A strength
increase factor is used to account for this condition and is unrelated to strain rate properties of the
material. UFC 3-340-02 suggests using a 1.1 strength increase factor applied to the minimum yield
stress for structural steel with a yield of 50 ksi (345 MPa) or less and for Grade 60 reinforcing,
Several references addressing nuclear facilities suggest ignoring these strength increase factors to add
a larger margin of safety to the design. Application of the recommended 1.1 factor is warranted for
petrochemical facilities where it is desired to reduce conservatism and make use of the full available
blast capacity.
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FIGURE 5.4: Typical Stress-Strain Curve for Steel (from ASCE Manual 42)

Cold-formed steel also exhibits an average yield strength well in excess of the specified
minimum. UFC 3-340-02 recommends a strength increase factor of 1.21 for this material.

Concrete strength is specified as minimum compressive strength at 28 days. This value is used
for design and is not typically increased to account for an increase in strength with age. For
evaluation of an existing structure, it may be worthwhile to determine the in-situ strength of the
concrete to use in the analysis. This will not make a great difference in flexural capacity but it could
be very important when examining shear resistance.

Strength increase factors are summarized in Table 5.A.1.



5.5.3 Dynamic Strength Increase

Concrete and steel experience an increase in strength under rapidly applied loads. These
materials cannot respond at the same rate as which the load is applied. Thus the yield strength
increases and less plastic deformation will occur. At a fast strain rate, a greater load is required to
produce the same deformation than at a lower rate. This increase in the yield stress is quite significant
for lower strength materials and decreases as the static yield strength increases.

For steel, the modulus of elasticity is the same i the elastic region and yield plateau for static
and dynamic response. In the strain hardening region the slope of the stress-strain curve is different
for static and dynamic response, although this difference is not important for most structural design
applications.
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FIGURE 5.5: Effect of Strain Rate on Stress-Strain Curve for Steel (from UFC 3-340-02)

A strength increase is also produced at ultimate strength, F |, for steels; however, the ratio of

dynamic to static strength is less than at yield. A typical stress-strain curve describing dynamic and
static response of steel is shownin  Figure 5.5. Elongation at failure is relatively unaffected by the
dynamic response of the material.

Aluminum exhibits a modest increase with strain rate which is typically ignored. Lindholm
surveyed available test data on dynamic properties for a number of materials. This is an extremely
useful resource for information on less commonly used materials.

Ultimate strength for concrete is greater under dynamic loads. Though the modulus of elasticity
is also greater, this difference is small and is usually ignored.  Figure 5.6 describes the relationship
between dynamic and static response for concrete.

The magnitude of dynamic increase is dependent upon several factors including static material
strength and strain rate. In general, the higher the static strength of a material, the lower the increase
in dynamic strength. The faster a material is strained, the higher the increase in dynamic yield and
ultimate strength. Figure 5.7 describes the relationship between strain rate and the ratio of dynamic to
static material strength for structural steel, concrete and reinforcing steel.



=002  =0.002 o 0,005
Strain

FIGURE 5.6: Effect of Strain Rate on Stress-Strain Curve for Concrete (from UFC 3-340-
02)

Standard geotechnical test reports address typical static properties of soil such as shear
strength and bearing capacity but may not provide dynamic properties unless they are specifically
requested. In these situations, it is necessary to use the static properties. Dynamic soil properties
which are reported may be based on low strain amplitude tests which may or may not be applicable
to the situation of interest. Soils reports will generally provide vertical and lateral stiffhess values for
the foundation type recommended. These can be used along with ultimate bearing capacities to
perform a dynamic response calculation of the foundation for the applied blast load.



5.5.4 Dynamic Increase Factor (DIF)

To incorporate the effect of material strength increase with strain rate, a dynamic increase factor
is applied to static strength values. DIFs are simply ratios of dynamic material strength to static
strength and are a function of material type as well as strain rate as described above. DIFs are also
dependent on the type of stress (i.e. flexural, direct shear) because peak values for these stresses
occur at different times. Flexural stresses occur very quickly while peak shears may occur relatively
late in time resulting in a lower strain rate for shear.

It is possible to determine the actual strain rate of a material during calculation of dynamic
response using an iterative procedure. A rate must be assumed and a DIF selected. The dynamic
strength is determined by multiplying the static strength (increased by the strength increase factor) by
the DIF. The time required to reach maximum response can be used to determine a revised strain
rate and a revised DIF. This process is repeated until the computed strain rate matches the assumed
value. There are uncertainties in many of the variables used to calculate this response and
determination of strain rates with great accuracy is not warranted.
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FIGURE 5.7: Effect of Strain Rate on Dynamic Material Strength (from UFC 3-340-02)

UFC 3-340-02 and other references suggest selecting DIF values based on pressure range or
scaled distance to the explosion source. This method groups blast loads of less than a few hundred
psi (100 psi= 690 kPa) into the low pressure category with a single DIF value for each stress type.
For petrochemical facilities, the vast majority of structures will fall in this low pressure category.

DIF values vary for different stress types in both concrete and steel for several reasons.
Flexural response is ductile and DIF values are permitted which reflect actual strain rates. Shear
stresses in concrete produce brittle failures and thus require a degree of conservatism to be applied
to the selection of a DIF. Additionally, test data for dynamic shear response of concrete materials is
not as well established as for compressive strength. Strain rates for tension and compression in steel
and concrete members are lower than for flexure and thus DIF values are necessarily lower.

Values for dynamic increase factors are presented in a variety of references although most are
based on the same data source. Additional data has been produced in various test programs but has
not been assembled into a central source. Much of the data that has been published is based on high
strain rate tests and many of the recommended values are arbitrarity chosen.  Table 5.A.2 provides
recommended DIFs for renforced concrete and masonry and Table 5.A.3 contains values for



structural steel, cold-formed steel and aluminum.

Dynamic increase factors for steel member connections can be conservatively ignored. UFC 3-
340-02 suggests that the DIF value of steel material with similar yield stress to the welds or fasteners
be used for the various types of connections. UFC 3-340-02 recommends a DIF value of 1.05 for
ASTM A514 steel with yield stress 0f 90 to 100 ksi (620 to 690 MPa) for “tension or compression”
and a DIF value of 1.07 to 1.09 for “bending”. Therefore, if necessary, a DIF value of 1.05 to 1.10
can be justified for steel connections using typical welds with yield stress of 50 to 100 ksi (345 to
690 MPa) and ASTM A325 or ASTM A490 high strength bolts.



5.5.5 Dynamic Design Stress

Strain hardening effects in steel members and concrete reinforcing are modeled in SDOF
analysis by using a design stress which is greater than yield. During dynamic response, the stress level
at critical sections in a member varies with strain of the section. In the elastic region, the strain across
the section varies with location from the neutral axis of the member. Beyond this region, the member
experiences plastic response in which the fiber stress of the entire section exceeds the elastic limit. At
this point, the stress is constant over the cross section but is still changing with total member strain.
Steel members experience an increase in stress in the strain hardening region until the ultimate
dynamic material stress is reached. After this point, the fiber stress decreases with increasing strain
until rupture occurs. Concrete exhibits an increasing stress until the maximum compressive stress is
reached after which the stress level decreases with additional deformation. Because of its brittle
nature, strain hardening does not occur in concrete; however, reinforcing steel will exhibit this effect.

To predict true dynamic response, it would be necessary to continuously vary the material
stress with deformation. This variation is difficult to model using SDOF analysis methods because it
requires tracking a complex resistance-deflection curve at each time step. It is desirable to represent
the design material stress as a bilinear stress-strain curve in which stress increases linearly with strain
to yield and a constant value after yield (refer to Section 7.2.5). This produces a simple, bilinear
resistance-deflection curve as shown in Figure 5.8 which can include strain hardening effects and is
relatively easy to incorporate into the SDOF analysis. To achieve this simplification, while accurately
modeling the dynamic response, it is necessary to select a design stress equal to the average stress
occurring in the actual response. This can be done by estimating a maximum response range and
using recommendations in Tables 5.A.4 and 5.A.5 for reinforcing and steel members.

At low response ranges, the maximum design stress is equal to the dynamic yield stress. At
higher response ranges, the design stress is increased to account for strain hardening. In the mitial
portion of the response, this increased design stress will result in an overprediction of resistance. As
greater deformations occur, the stress level, and thus resistance, will be underpredicted by the design
stress.

Finite element methods (FEM) are capable of incorporating complex variations in material
stresses in the time varying response. While these methods are widely available, they are quite
complex and, in many cases, their use is not warranted due to uncertainties in blast load prediction.
The dynamic material properties presented in this section can be used in FEM calculations; however,
the simplified response limits in the next section may not be suitable. Most FEM codes contain
complex failure models which are better indicators of acceptable response. Refer to Chapter 6,
Dynamic Analysis Methods, for additional information.



5.6 DEFORMATION LIMITS

Response deformation limits are used to ensure that adequate response to blast loads is
provided. These limits are based on the type of structure or component, construction materials used,

location of the structure and desired protection level.
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FIGURE 5.8: Bilinear Resistance-Deflection Curve

The primary method for determining adequacy of a structure for conventional design is
evaluation of the stress level achieved compared with the maximum stress permitted. Deflections are
also checked for certain members although this is typically done for serviceability or architectural
reasons rather than structural requirements. Blast loaded members, however, reach or exceed yield
stresses to achieve an economic design. In general, the more deformation the structure or member is
able to undergo without failure, the more blast energy that can be absorbed. As member stresses
exceed the yield limit, stress level is not appropriate for judging member response as is done for
static elastic analysis. In dynamic design, the adequacy of the structure is judged on maximum
deformations. Limits on displacements are based on test data or other empirical evidence. A degree
of conservatism is included to ensure adequate capacity because the applied loads are not "factored
up" to provide a factor of safety.

The allowable response of individual frame components is less than that permitted for the same
member responding as an isolated element. This is done to reduce the possibility of progressive
collapse and to increase redundancy of the frame. Failure of individual girt and purlin components is
not as catastrophic as failure of a frame member and thus a difference in criteria exists. Load bearing
walls should normally be allowed less deformation than non-load bearing elements also because of
the consequences associated with failure.

The structure’s performance goal becomes an important factor in selection of maximum
response values. If it is desired to provide a high degree of protection to personnel or equipment, a
low response limit is chosen. This situation may be typical of a control room in which personnel are
required to remain at their workstation during an emergency or for critical equipment which must be
protected to implement a safe shutdown. On the other hand, if a building is frequently unoccupied or
contains low value equipment, significant damage may be permitted, up to the point of failure.
Structures which are required to be reusable following a blast are typically designed to remain elastic
under the predicted loads.

The capacity of a member to deform significantly and absorb energy is dependent on the ability
of'the connections to maintain strength throughout the response. If connections become unstable at
large responses, catastrophic failure can occur. The resistance will drop thereby increasing
deflections. Connections often control blast capacity for structures which have been designed for
conventional loads only.

Appropriate response (deformation) limits are selected based on the factors discussed above



as well as company/owner safety philosophies, blast protection guidelines, and risk considerations.
Risk assessments which evaluate accident probability and potential consequences can be helpful in
making the appropriate selection. The deformation limits chosen relate to a specified degree of
response which can be characterized as low, medium or high. At the highest response limits,
catastrophic failure of the structure should not occur. Points of highest stress in the members will be
near incipient collapse and local failures may occur but the overall structure should remain intact. It is
important to remember that predicted responses may not always account for local instabilities and
the actual response can be significantly greater. The engineer must take these factors into
consideration when designing or analyzing the structure to ensure the proper degree of protection is
provided.

Many petrochemical companies have adopted a "neutral risk" philosophy for facilities where
personnel are normally required to evacuate during an emergency. This philosophy prescribes that
personnel are not to be placed in greater danger inside a building than if they were outside. Blast
pressures and fragments entering the structure are not considered in the design since personnel would
be exposed to these hazards outside the building. The performance goal for the structure then
becomes incipient failure in which portions of'the structure are damaged severely but do not tear
loose and become missiles. Structural collapse is not permitted and suspended equipment must be
adequately anchored within the structure. ~Chapter 2, General Considerations, contains additional
discussion of protection philosophies.



5.6.1 Deformation Limit Parameters

Almost all published structual response criteria are presented in terms of parameters which are
easily compared with simplified non-linear dynamic response calculations that involve one or several
degrees of freedom models. These parameters include hinge rotations and ductility ratios, which are
based on the peak deflection of the component.

Ductility ratio is defined as the maximum displacement of the member divided by the
displacement at the elastic limit and is commonly designated by the symbol u. For indeterminate
members with multiple plastic hinges, the ductility ratio is typically based on the equivalent yield
deflection. The equivalent yield deflection is the ultimate resistance divided by the equivalent elastic
stiffhess. Equivalent elastic stiffnesses are provided n =~ Tables 6.1, 6.2 and 6.3. Ductility ratio is a
measure of the degree of inelastic response experienced by the member.

Hinge rotation is another measure of member response which relates maximum deflection to
span and indicates the degree of instability present in critical areas of the member. It is designated by
the symbol 6 and is defined in two ways in various references (refer to Figure 5.9 ). The first
definition is the angle, 0, formed between a line connecting the endpoints and a line between an
endpoint and the closest interior hinge location. The other definition is the included angle, 0,, formed
by two lines extending from the point of maximum deflection and the endpoints. Hinge rotations for
fixed end members are calculated in a similar manner. It is important to note that the hinge rotation at
the support is not related to the end curvature of the member. In the response limit tables in

Appendix 5.B, hinge rotation refers to support rotation.
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FIGURE 5.9: Hinge Rotation

Frame members have additional criteria. Sidesway limits are applied to frame systems to
reduce the chance of progressive collapse and to mmimize P-delta effects on columns. It is quite
possible to maintain acceptable response of individual members but experience large lateral
displacements of roofs and upper floors which cause collapse. The sidesway limits indicated in the
tables are fairly liberal and should not be exceeded without detailed analysis or testing.

Finite element analysis (FEA) is becoming a more commonly used tool for estimating damage
under extreme dynamic loading. FEA provides significantly more response information, such as
displacements and rotations, and stress and strain due to both flexure and shear throughout the
structural contmuum. Specific boundary conditions at the component connections can also be
discretely modeled. Evaluation of stress or strain at a single point, or finite element within a member,
may not be indicative of overall performance and the ability of the component to provide the
necessary level of protection. Because redistribution of stresses may occur during a dynamic
response, it may be more appropriate to use global parameters such as span and ductility ratios. The
values in Appendix 5.B are applicable for SDOF analysis and may also be applicable for FEA.
Response limits based on applicable test data may supersede the published values n  Appendix 5.B.
The response criteria in Appendix 5B are appropriate for most structural components. Different limit



criteria may be used if the analysis technique is sufficiently rigorous to capture potential nonlinear
response modes and the response level provides the required protection.

Maximum rupture strain values for specific construction materials may be applicable for certain
problems. Strain-rate effects models have been included in a number of these constitutive models.
FEA models can also capture post rupture and post buckling responses which can better estimate
the softening resistance of the member. Such an effect is difficult to include in SDOF methodology.

Due care must be taken by the analysts to ensure that FEA models adequately capture the
required response characteristics (local and global) of the structure under consideration, which may
include previous comparisons with applicable test data.



5.6.2 Deformation Limit Values

Maximum acceptable values for ductility and support rotation are presented in - Appendix 5.B.
Predicted response must be compared to ductility ratio and support rotation limits to ensure that
neither is exceeded. The engineer must also determine if lower limits are appropriate. The values vary
with material type, section type and required protection category. For reinforced concrete members,
response limits are influenced by the shear reinforcing provided as well as the type of response (i.e.,
flexure, shear, compression). In general, for elements in which shear or compression is significant, the
allowable response is quite low. Where adequate shear capacity is provided, large deflections are
permitted.

The deformation limit values in Appendix 5.B are a combination of criteria developed for the
original publication of this report and criteria in PDC-TR 06-08 developed by the U.S. Army Corps
of Engineers. The deformation limit values for medium and high component response of cold formed
steel girts and purlins, reinforced concrete and masonry, and prestressed concrete components are
based on similar values for moderate and heavy component damage levels, respectively, in PDC-TR
06-08. Values for low response of these component types are approximately one-half the values for
medium response, since the lowest PDC deformation limit values apply to superficial component
damage rather than low damage. The deformation limit values for all other component types in
Appendix 5.B are the same, or very similar, to deformation limit values developed for the original
publication of this report.

Deformation limits for different levels of blast damage to other component types, including
wood and metal stud walls, are provided in PDC-TR 06-08. Limits on the actual deformation values
should be used when there is a risk of a structural member (i.e. wall panel) impacting critical
equipment. These limits must be imposed by the design engineer on a case-by-case basis, as
applicable, in addition to the response criteriain ~ Appendix 5.B. PDC-TR 06-08 also contains a
methodology to determine an overall building level of protection based on the highest component
damage levels of primary and secondary type components in the building, as defined in the
document. This approach may be helpful for evaluating overall building blast damage.

Deformation limit values for blast resistant design are also provided in a number of other
publications by the U.S. government and industry committees. These limit values tend to be in the
same range as values in Appendix 5.B, but are not identical. This reflects different definitions for
damage or design response levels, different amounts of conservatism in the limits, considerations of
different available component damage databases, and the approximate nature of all deformation limit
values. Summaries and correlations between component support rotations and ductility ratios and
component damage levels observed in specific blast tests, other dynamic tests, and static tests are
available in numerous references. A summary of available blast test information is provided in
Oswald 2005. Support rotations correlate much better with damage levels than ductility ratios for
some component types, such as non-prestressed reinforced concrete and masonry.

The deformation limit values in Appendix 5.B apply for the typical case where the component is
designed using a procedure that explicitly considers the dynamic component response, such as the
SDOF methodology described in this report or a method based on dynamic finite element analysis.
Some components that are not directly loaded by blast and have a short response time compared to
the expected rise time of their dynamic load, such as connections and primary framing members in
pure axial loading, are usually designed using an equivalent static load approach. The equivalent static



load is equal to the ultimate resistance of the supported members multiplied by their tributary areas
and the connection or axial member must have an ultimate dynamic load capacity that is equal or
greater than this load. The dynamic load capacity is calculated in the same manner as the static load
capacity except that the yield strength is increased by applicable static and dynamic increase factors
for blast design. The load capacity may include applicable strength reduction factors (i.e., ¢ factors)
used in conventional static design at the discretion of the design engineer. If the dynamic analysis
shows the supported member does not yield, the equivalent static load may be based on the
maximum resistance of this member. However, this approach should be used with caution since it will
be unconservative if the actual blast loads exceed the design blast load.



APPENDIX S.A
SUMMARY TABLES FOR DYNAMIC MATERIAL STRENGTH

TABLE 5.A.1: Strength Increase Factors (SIF)

Material SIF

Structural Steel (F,, < 50 ksior 345 MPa) | 1.1

Reinforcing Steel (Fy < 60 ksior 414 MPa)|| 1.1

Cold-Formed Steel 1.21

Concrete! 1.0

Note 1: The results of compression tests are usually well above the specified concrete strengths and
may be used in licu of the above factor. Some conservatism may be warranted because concrete
strengths have more influence on shear design than bending capacity.

TABLE 5.A.2: Dynamic Increase Factors (DIF) for Reinforcing Bars, Concrete, and
Masonry

DIF

Stress Type Reinforcing Bars||Concrete|| Masonry|

Fa/Fy | Fa/Fu|| Fadfe || Pam/Tm

y

Flexure 1.17 || 1.05 1.19 1.19

Compression 1.10 || 1.00 1.12 1.12

Diagonal Tension|| 1.00 || 1.00 1.00 1.00

Direct Shear 1.10 || 1.00 1.10 1.00

Bond 1.17 || 1.05 1.00 1.00




TABLE 5.A.3: Dynamic Increase Factors (DIF) for Structural Steel, Cold-Formed Steel,

and Aluminum
DIF
Yield Stress
Material Ultimate Stress
Bending/Shear|| Tension/Compression
Fay/Fy Fay/Fy Fq4/Fu

ASTM A36 1.29 1.19 1.10
ASTM A588 1.19 1.12 1.05
ASTM A514 1.09 1.05 1.00
ASTM A653 1.10 1.10 1.00
SAE AMSS5501 (stainless steel) 1.18 1.15 1.00
SAE AMS4113 (aluminum) 1.02 1.00 1.00

TABLE 5.A.4: Dynamic Design Stress for Concrete Reinforcing Steel

: Maximum Support Dynamic Design Stress
Type of Stress || Type of Reinforcement Rotation (Fy)
. q 0<0,<2 Fay
Bending Tension an 2<0,<5 Fay + (Fu - Fay) /4
Compression
5<0,<12 (Fay +Fan) 12
Diagonal .
F
Tension Stirrups dy
0<6,<2 Fay
Direct Shear Diagonal Bars 2<0,<5 Fgy + (Fau - Fay) /4
5<6,<12 (Fay t Fgp) 2




‘ Compression

Column

y
TABLE 5.A.5: Dynamic Design Stress for Structural Steel
Type of Stress|[Maximum Ductility Ratio|[Dynamic Design Stress (F )
all 58 < 10 de
all % >10 de + (qu - de) /4



APPENDIX S.B
SUMMARY TABLES FOR RESPONSE CRITERIA

The following descriptions apply to the response ranges mentioned in the tables:

TABLE 5.B.1.A: Building Damage Levels

Damage .
Level Description
Low Localized component damage. Building can be used, however repairs are required to
restore integrity of structural envelope. Total cost of repairs is moderate.
. __||Widespread component damage. Building should not be occupied until repaired. Total
Medium A
cost of repairs is significant.
Key components may have lost structural ntegrity and building collapse due to
High ||environmental conditions (i.e. wind, snow, rain) may occur. Building should not be
occupied. Total cost of repairs approaches replacement cost of building,
TABLE 5.B.1.B: Component Response
Low |[Component has none to slight visible permanent damage.

Medum

Component has some permanent deflection. It is generally repairable, if necessary,
although replacement may be more economical and aesthetic.

High

Component has not failed, but it has significant permanent deflections causing it to be
unrepairable.

TABLE 5.B.2: Response Limits for Steel Components !




Component Low Medium High
Response Response Responss

Hot Rolled Stesl Compact Secondaty
Members (Beams, (Girls, Purling)®

Steel Primary Frame Meambers
{with significant comprassion)™**

Stegl Primary Frame Members
{withoul significant compression)™ "

L
£
=
=1
S
1

Steel Plates

Open-Web Steel Joists 1 I 2 3 4 6

Cold-Formead Light Gaps Stesl
Panels (with secured ends)™®
Cold-Formead Light Gaps Stesl
Panels {with unsecured ends }M'
Cold-Formead Light Gage Steel
Beams, Girts, Purling and MNon-
Compact Secondary Hot Rolled
Members®

-1
i
i
L
it
(¥
=3
s

1.0 - L8 1.3 3 2

Mote 1: Response limits are for components responding primarily in flexune unless otheraise
noted. Flegure controls when shear resistance 1= at least 1205 of flexuml capacity.

Mate 2: Primary members ame components whose loss would affecta number of other
components supported by that member and whose loss could potentially affect the overall
structural stability of the building in the area of loss. Secondary members are those supported
by primary framing components,

Mate 3: Significant compression is when the axial compressive load 15 more than 208 of the
dynamic axial capacity of the member. Axial compression should be based on the ultimate
resistance of the supported members exposed to the blast pressure. Refer to POC-TR O06-04
fior detailed examples of caleulation for axial compression and dynamic axial column
capacity. Refer to Section 5.6.2 for analysis of members in pune axial compression.

Muote 4: Sidesway limits for moment-resisting struchral steel frames: low = (heightysd,
medium = (height)¥35, high = (height)/25.

Mate 5: Panels must be attached on both ends with screws or spot welds.

Maote & Panels are not attached on both ends (for example standing seam roof panels).

Mate 7: Steel plate criteria can also be applied to corrugated {erimped ) plates if local buckhing
and other response modes are acooumted for in the analysis. Refer to Section 5.4 4.

Mate & Light gage refers to material which is less than 00125 inches {3 mm) thick.

TABLE 5.B.3: Response Limits for Reinforced Concrete (R/C) and Reinforced Masonry
RM)!



Componsnt Low Medium High
Response Response Response

Ll B, Ll i La i,

R/C Beams, Slabs, & Wall Parels
{no shear reinforcement)

R/AC Beams, Slabs, & Wall Parels
{compression face steel rainfreement
and shear rainforcemeant in maxinmum
myrnenl areas )

Remforced Masonry | 2 5

F/C Walls, Slabs, and Columns

{in flesure & axial compression l{r:u'.l]1
RAC andd BN Shear Walls &
Diaphragms

R/C and B/ Componants

{shear contrel, without shear

R/C and B/ Componants

{shear control, with shear

e
=
et
=]
et

o
-
=7

Prestressed Concrete
{wp =0.15)7
Prestressad Concrele 0.25/f

1 i[9 g

{0.15 < wp=<0.3)" Wp Wy

Maote 1: Response limits are for components responding primarily in flexure imnless otherwise
noted.
Maote Z: Applicable when the axial compressive load is more than 20% of the dynamic axial
capacity of the member. Axial compression should be based on the nltimate resistanoe of the
supported members exposed to the blast pressure. Refer to POC-TE 06-08 for detailed
examples of caleulation for axal compression and dynamie axial column capacity. Refer to
Hection 5.6.2 for analysis of members in pure axial compression.
Maote 3: The reinforcement index, w, = (Ag /b d) * £,/ 1)

where,

A, = aren of prestressed reinforcement in tension zone

b = the member width

d, = the depth to center of prestressing steel

£. = caloulated stress in prestressing steel at design load

£ = the concrete compressive strenggth

Mate 4 A support mtation of 4 degrees 1= allowed for BAC components that have compression
face steel reinforcement and shear reinforcement in macimmm moment aneas,



CHAPTER 6
DYNAMIC ANALYSIS METHODS

6.1 INTRODUCTION

This chapter discusses various analysis methods for determining the dynamic response of
structural members subjected to blast loading. In order to perform the dynamic analyses, it is
necessary to have previously defined the loading as well as member properties such as stiffness and
mass. The design of new structures sometimes involves several iterations of the analysis, where trial
member sizes are used and the resulting response quantities are compared against the acceptance
criteria defined in Chapter 5.

Several dynamic analysis methods are used for blast resistant design ranging from simple hand
calculations and graphical solutions to more complex computer based applications. One of the
purposes of this chapter is to convey analysis methods which provide the necessary balance between
sufficient accuracy and calculation simplicity.



6.2 KEY CONCEPTS

Several key concepts relating to the dynamic analysis of structures for blast loading are
discussed below. The main objectives of the analysis are discussed followed by a general discussion
on the level of accuracy used in typical blast design applications. The approach for separating
mtegrally connected structural members into manageable parts for analysis purposes is described. A
brief discussion on the treatment of live loads is also given.



6.2.1 Objectives

The overall objective of a dynamic blast analysis is to evaluate the capability of a structure to
resist a specified blast load. To accomplish this goal, the analysis should be able to predict, with a
fair degree of accuracy, the dynamic response of the structure. The analysis of a typical member
begins with a given structural configuration, which includes the type of material, span length, support
conditions and applied loading. Material properties are then used to estimate member stiffhess, mass
and section capacities. Determination of member stiffhess and section capacities are described in
Chapter 7. A resistance function, or applied force versus displacement relationship, is developed
based on assumed failure mechanisms, the member configuration and estimated section capacities.
The analysis proceeds to determine the response to a given blast load. Specifically, the analysis
should provide:

a. Maximum relative deflections of each structural element.
b. Relative rotation angles at plastic hinge locations.

c. Dynamic reactions transmitted to the supporting elements.
d. Deflections and reactions due to rebound.

Once the analysis is complete, the design can proceed to determine the adequacy of the
member through the application of the acceptance criteria.



6.2.2 Accuracy

A typical blast analysis contains a number of approximations which affect the accuracy of the
results. Some of the approximations most often used are:

a. Usually, the blast loads postulated in petrochemical company facilities are not
accurately known and are at best an approximation. For other types of facilities, such as
munitions plants, the blast load may be accurately predicted based on a known quantity
and type of explosive.

b. The blast pressure-time relationship is almost always approximated by a single straight
line as is discussed in Section 3.3.6, which introduces additional inaccuracies.

c. Structural modeling of uncoupled single degree of freedom (SDOF) system analyses for
mterconnected structural members neglects the deformation compatibility and equilibrium
of forces at contact points between members. In other words, dynamic interaction effects
which may increase or decrease the calculated responses are usually not considered.

d. Approximate dynamic properties of the structural materials combined with simplified
bilinear resistance-deflection curves are commonly used along with equivalent SDOF
system approximations. The solution accuracy decreases for more complex materials and
member configurations.

The degree of complexity of the structural representation and analyses can vary considerably,
depending on the effort to which the engineer determines is necessary to achieve a safe, economical
design. Except for the blast load, each of the above approximations could be improved through the
use of more complex procedures. Such procedures would involve a greater engineering effort and
still produce results limited by the blast load determmation. The approach recommended herein is to
use generally accepted procedures which maintain the blast load as the greatest approximation,
produce the desired results, and utilize relatively simple calculations.



6.2.3 Interaction Of Structural Elements

For enclosed buildings, the blast loads are typically applied to the exterior walls and roof and
are transmitted through various structural members to the foundation. The energy of the blast is
absorbed through elastic and, more importantly, plastic deformation of the structure. The portion of
blast energy not absorbed by the structure is transmitted into the ground. It is therefore necessary to
establish a continuous load path with consistent tracking of the dynamic loads through the structure to
ensure a safe design.

It is common practice to analyze a structure using a member by member approach. The
envisioned load path, established using engineering judgment and experience, forms the basis for
determining the member by member analysis sequence. Tracking of the member dynamic reactions
and loads throughout the structure is performed manually. This basic approach is similar to the
practice used in conventional static analyses. The major difference is the consideration of inertia
forces which may act in any direction.

In less frequent situations a more comprehensive analysis approach is used to analyze the
structure as a whole. For example, a finite element analysis of an entire building may be performed.
Obviously, the load path need not be predetermined when such global analysis methods are used.
However, the load path is influenced by the type and level of detail of the modeling so that
engineering judgment and experience are also necessary to achieve a safe and economical design.

As mentioned above, it is common practice to separate a structure into its major components
for purposes of simplifying the dynamic analyses. This uncoupled member by member approach
approximates the actual dynamic response since dynamic iteration effects between major structural
elements are not considered. Resulting calculated dynamic responses, which include deflections and
support reactions, may be underestimated or overestimated, depending on the dynamic
characteristics of the loading and the structure. This approximation occurs regardless of the solution
method used in performing the uncoupled dynamic analyses.

Dynamic interaction effects are commonly neglected. Under certain circumstances,
unconservative answers could result from neglecting the effects of coupling. Though some simple
parametric studies can be made to evaluate these effects, coupling is normally expected to be
negligible if the natural frequencies of connected elements differ by a factor of two or more according
to the technical guidance given by Biggs (pp. 183-184 and 237-238). Frequencies of interconnected
members are sometimes tuned by changing their stiffness or weight in order to achieve this separation
of frequencies. If neglecting dynamic interaction effects cannot be justified, the connected members
can be analyzed as a multi-degree of freedom system in which these effects are considered
inherently.

Some studies on dynamic interaction effects for two degree of freedom systems have been
done by Baker (pp. 415-418). Although these studies were made using a limited range of variables,
results indicate that conservative responses can be obtained using uncoupled SDOF system
approximations versus a coupled approach.

A series of separate SDOF dynamic analyses are performed for each of the primary structural
components. For example, a typical roof system consists of a roof slab supported on structural steel
roof beams which are in turn supported by roof girders. Separate SDOF dynamic analyses are
performed for the slab, beams and girders using the reaction time history of the supported member



as loading input to the supporting member.

The same member by member approach is commonly used for lateral analyses of buildings as
illustrated by Figure 6.1. Front walls facing the blast are typically designed as a unit width, one-way
member spanning vertically. Reaction time histories of a representative wall strip are used as the
loading input to the horizontal roof diaphragm which is supported by side walls oriented parallel to
the direction of the blast. These walls are typically reinforced concrete shear walls or braced steel
frames. The analysis proceeds from the front wall to the roof diaphragm to the side walls and finally
to the foundation. A consistent, continuous load path is thus established.



6.2.4 Live Loads

Live loads which would be blown away by a blast wave or which would not increase the inertia
of'a supporting member should not be included in the mass calculation. Additionally, some judgment
is needed to estimate the portion of a design live loads which is normally present. For example, snow
loads in cold climates may be present for relatively long durations and a portion of'this live load
should be included in the mass calculation. Another example is a floor live load representing

personnel and furnishings which should not be included in the mass calculation.
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FIGURE 6.1: Forces Acting on Primary Structural Elements



6.2.5 Confirmation of Assumed Failure M echanisms

In establishing the model used to represent a structure, the usual approach is first to assume the
locations of plastic hinges and then carry out the analysis. This approach is essentially an upper
bound analysis which by definition provides a predicted collapse load that is either correct or too
high. In most cases, fairly simple structural models are developed and it is obvious that the assumed
mechanism is correct. For those cases involving irregular structural configurations and loading, a
separate check should be made to confirm that no other possible failure mechanisms exist which may
result in lower predicted collapse loads.



6.3 EQUIVALENT STATIC METHOD

One method of blast analysis which has been commonly used in the past, but which is no longer
advocated, is the equivalent static method. As the name implies, this method employs a static analysis
with an approximate applied load to simulate the dynamic response. This is sometimes called an
“equivalent wind”” approach. Dynamic parameters such as time varying loads, rapid strain rate
material strengths, load amplification factors, mass, stiffhess, period of vibration, and allowable
plastic deformations are not used. The primary difficulty with this method is determining an
appropriate static loading which will yield reasonable results. This method is not recommended for
general use except for cases where the structure is far removed from the blast source, such that the
blast loading resembles a wind gust.



6.4 SINGLE DEGREE OF FREEDOM SYSTEMS

The basic analytical model used in most blast design applications is the single degree of freedom
(SDOF) system. A discussion on the fundamentals of dynamic analysis methods for SDOF systems
is given below which is followed by descriptions on how to apply these methods to structural
members.



6.4.1 Basics

All structures, regardless of how simple the construction, posses more than one degree of
freedom. However, many structures can be adequately represented as a series of SDOF systems for
analysis purposes. The accuracy obtainable from a SDOF approximation depends on how well the
deformed shape of the structure and its resistance can be represented with respect to time.
Sufficiently accurate results can be obtained for primary load carrying components of structures such
as beams, girders, columns, wall panels, diaphragm slabs and shear walls.

The majority of dynamic analyses performed in blast resistant design of petrochemical facilities
are made using SDOF approximations. Common types of construction, such as single story plane
frames, cantilever barrier walls and compact box-like buildings are approximated as SDOF systems.
Several examples of such structures are illustrated in Figure 6.2.
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FIGURE 6.2: Typical Structures Represented as Equivalent SDOF Systems
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FIGURE 6.3: SDOF Model for Dynamic Analysis

The dynamic equilibrium of damped, linear elastic, SDOF system illustrated n ~ Figure 6.3 is
expressed mathematically as follows.

Ma+Cv+EK y=Ft) (a1}
whersa,

M = mass

a accelaration

C = wviscous damping constant

v velocily

K = stiffness

¥ displacement

F blast force

1

lifree



Damping is usually conservatively ignored in blast resistant design. Due to the short time in
which the structure reaches its maximum response, damping effects have little effect on peak
displacements. Taking credit for energy dissipation through viscous damping during the plastic
response phase is questionable, which is another reason to ignore damping.

When damping is ignored, the three forces then acting on the mass are the resistance, K y, the
inertia force, M a, and the external applied force, F. The dynamic equilibrium equation for the
undamped, elastic system then becomes,

Ma+ K ve= FL) {6.2)

In blast analyses, the resistance is usually specified as a nonlinear function to simulate elastic,
perfectly plastic behavior of the structure. The ultimate resistance, R, is reached upon formation of a
collapse mechanism in the member. When the resistance is nonlinear, the dynamic equilibrium
equation becomes:

Ma -+ R = Ft) (6.3)
where,

E=legerof Kvor B,

Solutions for Equation 6.3 can be obtained by various methods, depending on the complexity
of the loading function, F(t).

Rigorous analyses of SDOF systems are usually not required or warranted in typical blast
design applications. However, special cases may arise where a more sophisticated solution is
justified, perhaps to analytically qualify an existing structure for new increased loading conditions.
Refinements can be made in the analyses in areas such as strain hardening, progressive hinge
formation, equivalent replacement of arbitrary pulse loading and large deformations. Discussion of
these methods is beyond the scope of this report, however, technical guidance can be found in
Stronge and Yu, ASCE Manual 42 (Section 9.2), Krauthammer 1986, and Krauthammer 1990.



6.4.2 Transformation Factors

Examples of some typical SDOF approximations were briefly introduced in Section 6.4.1 and
illustrated in Figure 6.2. These SDOF models greatly simplify the dynamic analysis effort compared
to that of structures having distributed mass. For structures having a single concentrated mass, the
SDOF system can be defined without an approximation.

The procedure for obtaining an equivalent SDOF approximation for a structural component is
based on its deformed shape under the applied loading and the strain energy equivalence between
the actual structure and the SDOF approximation. The deformed shape of the member is usually
dommated by blast loading rather than by normal design loads. In addition to strain energy
equivalence, the motion of the SDOF system (displacement, velocity and acceleration) is equivalent
to the selected control point on the actual structure. The control point is usually selected at a point of
maximum response such as a plastic hinge location within the span. However, the spring force is not
equal the support reactions of the actual member.

Equivalent mass, stiffhess and loading are obtained through the use of transformation factors.
Several widely used texts on blast design such as Biggs, (Chapter 5) and UFC 3-340-02 (Chapter
3) contain tabulated transformation factors for typical structural elements such as beams and slabs.
The derivations of the equations for these transformation factors are also given by these references.
Transformation factors used to obtain appropriate properties for the equivalent SDOF system are as
follows:

Equivalent stiffness, Ko LK (6.4a)

Equivalznt mass, M.= Ky M (6.4h)

Equivalent fores, Fe= KL F (6.4¢)

Equivalent resistance, R = KL R (6.44d)
where,

Ko = load or stiffness tansformation factor
K = mass transformation factor

The dynamic analysis can be performed using these equivalent parameters in place of the
corresponding actual values. The alternate form of the bilinear dynamic equilibrium equation
(Equation 6.3) then becomes:

M.a+R.=F, {6.5)

For convenience, Equation 6.5 is sometimes simplified through the use of a single load-mass
transformation factor, K s, as follows:

Ko Ma +K y =F(1) (6.6)
where,
Kin = KaK1
Shape functions, ®(x), used in the transformation factor equations above are changed
according to the stress range of the member. These changes are illustrated in  Figure 6.4 for a simply

supported beam with uniform mass and uniform pressure loading. The resulting transformation
factors are also shown in the figure.



Transformation factors also change as the structural member progresses from the elastic to
plastic ranges and back to elastic response range. The resistance also changes for the plastic range
as shown by Equation 6.3.

In actual practice, it is common to keep the transformation factors constant throughout the
analysis. Engineering judgment is used to select the appropriate factors, depending on the
predominant response mode anticipated. A trial and error approach may be used to evaluate the
response mode behavior. An average of'the elastic and plastic transformation factors is sometimes
used.

Transformation factors for common one-way and two-way structural members are readily
available from several sources (Biggs, UFC 3-340-02). Refer to Tables 6.1, 6.2, and 6.3 fora
summary of such factors for one way members.

The mass of the structure includes its self weight and the weight of permanently attached
equipment. Mass is simply weight divided by gravity. Approximations are sometimes used in
determining mass distributions of members analyzed as SDOF systems in order to be able to use
readily available tabulated transformation factors.

When performing dynamic analyses ofa series of SDOF systems representing a structure, an
estimate of the amount mass “riding along” with a supporting member often must be made. For
example, a roof girder supports a portion of the mass of the roof beams it supports which needs to
be added to the girder’s mass as illustrated in  Figure 6.5. Engineering judgments are often used in
lieu of rigorous mathematical procedures. One recommendation for continuous reinforced concrete
slab and beam type construction given by UFC 3-340-02 (Section 4-43.1) is to include 20% of'the
supported member’s mass with the mass of the supporting member. This would correspond to a
supported member which is relatively flexible in comparison to the supporting member. For the
structure illustrated in Figure 6.5, the full mass of the portion of the beam supported by the girder
(i.e. 50% of the beam’s total mass in this case) is considered to be lumped with the girder mass at
the midspan of each girder. In this example, the beam is considered to be rigid in comparison to each

girder. Each case is judged individually.
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FIGURE 6.4: Shape Function and Transformation Factors for a Simply Supported Beam

TABLE 6.1: Transformation Factors for One Way Members, Simply Supported Boundary
Conditions (from TM 5-856)



Loading Strain  |Load Factor |Lumped Mass | Uniform Mass | Bending Spring Dynamic
Diagram Ranpge K Factor, K,;! Factor, K,; |Resistance, R, (Constant, K Reaction, V
F=P*L Elastic | 0.64 = 0.50 8M_ /L IB4 EISLY | 0.39R+0.11F
g " |
a—L 7| Plastic | 050 — 033 8M, /L 0 038R, + 0.12F
F Elastic | 1.00 1.00 0.49 4M,, L 48ELL? | 0.78R -0.28F
L2 L U223 plastic | 1.00 1.00 0.3 AM L 0 0.75R, - 025F
E2 K Elastic | 0.87 0.76 0.52 M, /L S6A4EIL? | 0.525R -0.025F
L/3 |L/3
Plastic | 1.00 L.00 0.56 6M,/L 0 0.52R, - 002F

(1} Equal portions of the concentrated mass are lumped at sach concentrated Toad.
(2) M, is the ultimate moment capacity at midspan.

TABLE 6.2: Transformation Factors for One Way Members, Fixed End Boundary
Conditions (from TM 5-856)

Loading Strain  |Load Factor [Lumped Mass | Uniform Mass |  Bending Spring Dynarmic
Driagrain Range | Factor, Ky Factor, Ky | Resistance, By (Constant, K Reaction, ¥V
F=P*L7 Elastic |  0.53 — 041 12M /L IB4EIL? | 0.36R +0.14F
E By | EP* | 064 e 050  [S(M+M,YL |384EISL} | 039R+O1IF
L Plastic | 0.50 — 033 8(M,+M_ YL 0 038R, + 0,12F
F Elastic | 1.00 1.00 0.37 + 192 EVL? | 0.7IR-021F
/1t UMy ML
L2 L2 FI plastic | 1.00 1.00 033 AM ML 0 0.75R, -0.25F
Motes:

(1) Equal pottions of the concentrated mass are lumped at each concertrated load,
(2) M. is the ultimate momenit capacity at midspan; M, is the ultimate moment capacity at suppoct.
(3} E-F is Elastic-Plastic

TABLE 6.3: Transformation Factors for One Way M embers, Simple-Fixed Boundary
Conditions (from TM 5-856)

Loading Strain  |Load Factor | Lumped Mass | Uniform Mass | Bending Spring Dynamiic
Diagram Range | . Factor, Ky, Factor, Ky; |Resistance, Ry, |Constant, K Reaction, ¥
F=P*Lz _|Elsstic| 058 — 0.45 SM, /L | I8SENL® | V,=0.26R+012F
A:L: o | Vi=043R+0.19F
L | Ep? 0.64 — 0.50 A +2M L | 84 EVSEY g 30p40. 1 1FaM /L
Ve Vi | Plastic | 0.50 - 0.33 M, 2M )L O |0.38R,H0.IZFEM_L
= Elastic | 1.00 100 043 16M,/3L | 107EVL® | V=0.25R+0.07F
1k V0. 54RH). 14F
sTm Iz f| EP 1.00 100 049 M +2M VL| 48 EUL® | 0.78R-0.28F4M
| Plastic | 100 100 033 M ML) 0 0.75R,-0.25F+M_JL
Fi2 FZ | Ebstic | 0Bl 0.67 045 6M_ L 2EID | V,~0.07RH0.17F
1 V,=0.33R+0.37F
PEERREERICER W9 5 2 0.87 0.76 0.52 2(M,+3M,VL| 56 EIL* |0.525R-0.025F+M
Plastic | 100 1.00 0.56 2(Mpe+3Me VL 0 0.52R,0.02F+M /L

Miotes:

(1) Equal portions of the concentrated mass are lumped at each concentrated load.

(2) My

{3} E-P is Elastic-Plastic

i the ultimate moment capacity at midspan; M, is the ultimate moment capacity at support,




General transformation factor equations for distributed mass systems and multi-degree of
freedom systems are given by Biggs (Chapter 5), and Clough (Chapter 2). These general methods
can be used in determining transformation factors for nonprismatic members or members which have
nonuniform mass distributions.

a) Beamn and Girder System
F
I [
Me Meg
Keb Keg
Ka=Ku Ky Kyg= K, K
Fo=K, pt)L, F = Ky ; (beam reaction foree)
My = Kyg M, Mg = 0.5M, L, + Ky M,
Beam SDOF System Girder SDOF System

b) Uncoupled SDOF System

FIGURE 6.5: Mass Distribution of a Typical Multi-Member System
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FIGURE 6.6: Typical Graphical Solution Chart For Elasto-Plastic SDOF System (from TM
5-856)



6.4.3 Graphical Solution M ethods

Blast loadings, F(t), act on a structure for relatively short durations of time and are therefore
considered as transient dynamic loads. Solutions for Equation 6.3 are available in the form of
nondimensional charts and graphs (UFC 3-340-02 and Biggs).

A typical graphical solution for a triangular pulse load with an elasto-plastic resistance function
is shown in Figure 6.6. Additional charts covering other loading conditions and elastic rebound are
available in Biggs, ASCE Manual 42 and UFC 3-340-02. Such charts can be used to determine the
maximum ductility demand, i, and the time of maximum response, t . Parameters needed to enter

Figure 6.6 include the maximum applied force, F , the loading duration, t 4, ultimate resistance, R |,
and the period, t ,, of the equivalent SDOF system. This period is based on the deformed  shape of
the member and therefore differs from the natural vibration period which is independent of the

loading. The vibration frequency of the SDOF system is expressed in cycles per second:

f=—/K/M (6.7)
2

and the period is expressed in seconds as follows:

I
ta = — 2w M T Ee (6.5}

This method is suitable for obtaining maximum responses of elasto-plastic SDOF systems
subjected to simple loading functions. It is generally not practical to develop solution charts when
loads become more complex. A shortcoming of this method is that the time history of the response is
not available to evaluate support reactions and rebound effects.

Another graphical method which is sometimes used in the evaluation of SDOF structural
elements for blast loading is the Pressure-Impulse, or P-I, method. The P-1 method combines both
dynamic analysis and design evaluation into a single procedure which can be used to rapidly evaluate
potential damage levels for certain types of structural members, such as reinforced concrete panels,
steel beams, masonry walls and other common building elements. Damage levels are usually defined
as low, medium or high which relate to increasing ductility demands.

The basic concept of the P-I method is to mathematically relate a specific damage level to a
range of blast pressures and corresponding impulses for a particular structural element. Damage
levels essentially correspond to deformation states within the member. The relationships, which may
be theoretical or empirical, are plotted in graphical format as illustrated by Figure 6.7. P-I curves can
be developed based on Baker or Mays and Smith . Knowing the blast pressure and impulse at a
specific structure’s location relative to the blast source enables the user to read the damage level
directly from the P-1 damage curves. P-I curves can be obtained from  CEDAW (replacement for
FACEDAP), and SBEDS.

Two basic types of P-1 diagrams are commonly used. Traditionally, nondimensionalized P 1,
and I, terms have been used to define the abscissa and ordinate values of the diagram. These terms
contain parameters defining the stiffness, resistance and mass for a particular type of member. Refer
to Baker and CEDAW manual which defines P . and I . terms for common structural member
types. More recently, P-1 diagrams similar to the one shown in Figure 6.7 in which the abscissa and
ordinate values are given directly in terms of pressure and impulse have come into use for evaluation



of building components and in some cases, an entire structure. The curves shown in Figure 6.7 define
combinations of pressure and impulse which produce a constant damage level. Three regions defined
by the constant damage curves are designated as light, medium and collapse in this particular figure.
More or less refinement may be used in defining damage levels.
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FIGURE 6.7: P-I Versus Structural Damage

Theoretical solutions generally tend to underestimate blast resistance capacities of actual
structures. Blast testing is therefore sometimes used to establish a series of data points for the
purpose of developing realistic damage curves. However, when using test data to establish the
damage curves, test scatter inevitably requires the mtroduction of some conservatism in order to
produce smooth boundaries between the damage regions of the P-1 diagram. Also, qualitative
mterpretations of the test specimen responses introduce some uncertainties in the definition of the
damage levels. For these reasons, the P-1 method has been used primarily as a screening tool.



6.4.4 Closed Form Solutions

Closed form solutions (i.e. equations) are available only for some simple loading cases for
SDOF systems (Biggs, Clough, Paz 1991). Published solutions exist for both elastic and elastic-
plastic responses, and for triangular and rectangular load pulses. The analysis can also be greatly
simplified when the duration of the loading, t 4, is either very short or extremely long compared to the

period, t,,.

When the loading duration is short compared with the member’s natural period, t /t,, <0.1,

the shape of the load-time function becomes insignificant. The maximum response can be calculated
using the impulse-momentum principle. The ductility demand, py, can be determined in terms of the

impulse, I, and the maximum resistance of the member:
pa= 0.5 [(L2mf/Ra)* + 1] (6.9)

In the other extreme case, when the loading duration is long compared with the natural period,
ty/ t,> 10, the system responds as though the load were suddenly applied and constant. Again, the

maximum ductility demand can also be expressed in convenient form:
Ha= I/ [2(] - Fo/Ral] (6.10

Empirical formulas have been developed to transition between these two extreme dynamic
response cases. ASCE Manual 42 provides the following relationship over the full response range of

thd/tn:

Ji2ma—1}) i 2 —1)7)

F/Ba
” T 2T +0.7)

(6.11)

Comparisons with more exact solutions show that this relationship yields results to within 5%,
which is usually accurate enough for most applications. This formula does not lend itselfto a direct
calculation of ductility demand in terms of the other parameters. However, it can be solved for p4 by

trial iterations.



6.4.5 Numerical Integration

A versatile alternate to simple graphical, closed form and empirical solutions is to perform a
numerical time integration. This method is also known as the time history method. Most texts on
structural dynamics (Biggs, Clough, Paz 1991) provide extensive coverage on numerical solution
methods for nonlinear, SDOF systems.

A brief summary will be given of the Newmark numerical integration procedure, which is
commonly used to obtain the time history response for nonlinear SDOF systems. It is most
commonly used with either constant-average or linear acceleration approximations within the time
step. An incremental solution is obtained by solving the dynamic equilibrium equation for the
displacement at each time step. Results of previous time steps and the current time step are used with
recurrence formulas to predict the acceleration and velocity at the current time step. In some cases, a
total equilibrium approach (Paz 1991) is used to solve for the acceleration at the current time step.

To ensure an accurate and numerically stable solution, a small time increment must be selected.
A rule of thumb is to use a value less than or equal to 1/10th of either the natural vibration period of
the structure or the load duration, whichever is smaller. Refer to  Appendix 6 for an outline of the
basic steps mvolved with solving the equation of motion using Newmark’s method. Computer
programs using numerical time integration methods for nonlinear analyses of SDOF systems (for
example BIGGS, NONLIN, SBEDS, and CBARCS) are available. Refer to ~ Chapter 11 for the
implementation of numerical integration in a blast design.



6.4.6 Support Reactions

Perhaps the most commonly overlooked aspect of using SDOF approximations is the
determination of the dynamic reactions for the actual member. The spring force in the SDOF system
is not equal to the support reaction. In order to determine the dynamic reactions, the distribution of
the mertia force within the member must be considered (Biggs, Chapter 5). The basic approach as
illustrated in Figure 6.8 is to express the dynamic forces acting on the member, or a segment of the
member, in terms of the displacement and acceleration at the control point. This displacement, y(t) is
determined in the solution of'the time history analysis of the equivalent SDOF system.

Equations for the dynamic reactions of typical structural members are available from the same
sources which provide the transformation factors. Refer to Tables 6.1, 6.2, and 6.3. These equations
express the dynamic reaction in terms of the resistance and applied load, both of which vary with
time.
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6.5 MULTI-DEGREE OF FREEDOM SYSTEMS

This section provides technical guidance for multistory building frames, slab/beam/girder framing
systems and structures having multiple concentrations of significant lumped masses. An example of a
typical multi-degree of freedom structure is shown in Figure 6.9. This two story building is subjected
to lateral impulse forces at the top of'the first and second stories, as would be the case for blast
loading. The methods and procedures for the non-linear FEA approach are described in Section
6.5.3. The extension of the dynamic analysis methods described in Section 6.4 for SDOF systems to
multi-degree of freedom (MDOF) systems may be used if previous comparisons have shown
acceptable correlations to test data or FEA analysis results.



6.5.1 Dynamic Equilibrium Equation

When the structural configuration is complex or, significant dynamic interaction between
mterconnected members can not be avoided, a coupled analysis approach can be used. The coupled
analysis approach can include as few as two degrees of freedom to represent a structural system or it
can involve the use of many degrees of freedom in a single, comprehensive dynamic analysis of the
entire superstructure.

The MDOF approach will require the use of a computer program to perform the structural
dynamic analyses due to the extensive computations. Frame analysis type programs using beam
elements may be used if the structural configuration lends itself to this type of modeling. Use of
general purpose finite element analysis programs may be necessary in order to accurately represent
the structure with the appropriate type of element, such as plate and shell elements for continuum
type structures.

A coupled analysis need not be all encompassing. For example, a two dimensional plane frame
analysis of a building employing two or more degrees of freedom is considered a coupled analysis
approach. Separate plane frames for each orthogonal horizontal direction can be used in lieu of a
single comprehensive three dimensional model. Refer to Section 6.6.2 for a discussion on modeling
considerations for this type of structure.

Responses of MDOF systems are determined from the solution of the following dynamic
equilibrium equation. This equation is the matrix form of the equilibrium equation for a SDOF system
(Equation 6.1).

[M]{a} H[C]ivi + [K]{y) = (FUy 6.12)

For practical purposes, manual solutions of this equation can be obtained for only two or
possibly three degrees of freedom. An example of an elasto-plastic, two degree of freedom system
analysis is given by Biggs (pp. 237-242). Even this simple problem involves significant effort.

Solutions for MDOF systems are usually obtained through the use of finite element procedures.
Due to nonlinearities associated with plasticity and possibly large displacements, the direct time
mtegration method should be used. Various direct integration methods for time integration are
employed but, the Newmark Method is perhaps the most common. Other methods, such as the
Houboult Method, Wilson-T Method and the Central Difference Method are commonly used in
finite element applications. Refer to Bathe for further details.



6.5.2 Advanced Analysis Methods

In a strict sense, an “advanced analysis” is one in which the nonlinear geometric and material
effects are accounted for in the analysis of the structure as a whole in determining its ultimate load
carrying capacity. In addition, effects of local as well as overall global instability are considered such
that it is not necessary to evaluate individual members subsequent to the completion of the advanced
analysis. In other words, all appropriate limit state design code requirements are incorporated into
the analysis (White 1993, Chen).

A comprehensive list of behavioral phenomena and physical attributes affecting the strength and
stability of steel frames is compiled in White 1991 . Some of'the items listed include initial
imperfections, residual stresses, initial strains, construction sequence, effects of simultaneous axial
force, shear and moment on section capacities, P-delta effect, local buckling and spread of inelastic
zones in members. A similar list of items could be compiled for reinforced concrete and other
structural materials. It is clear that a comprehensive advanced analysis can become quite complex.

The tools needed to perform such advanced analyses are not yet generally available. However,
a number of commercially available finite element programs possess sophisticated nonlinear analysis
capabilities. These analysis codes do not incorporate the design code checks for local member
nstabilities as is done in advanced analyses. In spite of this obvious and significant difference, the
finite element analysis method is considered as an advanced analysis method for purposes of this
report.



6.5.3 Finite Element Analysis Methods

A finite element analysis method is recommended when one or more of the following conditions
exist:

a. The ratio of a member’s natural frequency to the natural frequency of the support
system is in the range of 0.5 to 2.0, such that an uncoupled analysis approach may yield
significant inaccurate results.

b. Time varying support reactions or member forces are desired in order to evaluate the
structure or its foundation in great detail in an effort to minimize costs of structural backfit
modifications.

c. Overall structural behavior is to be evaluated with regard to structural stability (frame
buckling), gross displacements and P-delta effects.

d. The structure has unusual features such as unsymmetrical or nonuniform mass and
stiffness characteristics.

Many commercial computer programs are available to perform nonlinear finite element analysis
with dynamic load application and may be suitable for use in blast resistant design. These programs
include ABAQUS, ADINA, ANSYS, LS-DYNA, MSC/NASTRAN  and FLEX. This list is only
representative and does not constitute an endorsement of the programs or the techniques used. New
capabilities are continually being developed and the analyst is encouraged to review the
documentation for these programs to understand the techniques and limitations. Of particular interest
may be the solution formulation and the ability to resolve gaps, impacts, and contact surfaces.

Certain considerations should be given to achieve adequate results at a reasonable cost when
using finite element analysis methods. One item to consider is the appropriateness and practicality of
the element type. The most suitable element types from the simplest to the most complex include
spring elements, line (beam) elements, plate/shell elements and solid elements.

Another important item is to consider how the finite element output data would be used to
confirm compliance with acceptance criteria. For example, using stress output data from plate or
shell elements to evaluate a reinforced concrete slab is not very practical. Some computer codes
employ a yield criterion for plate and shell elements based on stress resultants (forces and moments),
which is much more convenient for structural design purposes. Another difficulty arises when trying
to determine relative displacements of a member in order to check its maximum deflection against the
allowable deflection.

Finite element analysis (FEA) is becoming much more commonplace for building structures.
This is driven by the improved user friendliness of programs and advances in computing power which
make the analysis of nonlinear response problems feasible on microcomputers. A greater familiarity
with FEA tools is also increasing their use on more conventional projects. It is important for the
analyst to avoid a false sense of reliance on FEA results without an independent estimate of results.
In spite of the increasing use of FEA, SDOF methods remain widely used for blast problems but
limitations must be recognized.



6.6 APPLICATIONS

Dynamic analysis approaches for some typical applications are described below.



6.6.1 Shear Wall/Diaphragm Type Structures

Certainly the most common type of blast resistant structure at petrochemical facilities is a
reinforced concrete or masonry, single story building with a rectangular foot print. The usual
approach for designing for lateral blast loads is to design the wall facing the blast as a flexural
member spanning vertically between the roof and the foundation. The roof system is designed as a
horizontal diaphragm spanning between the side walls of the building. Side walls are then designed as
shear walls which carry the lateral loads as well as the overturning effects to the foundation. This
concept is illustrated in Figure 6.1.

Several considerations are essential when analyzing this type of structure. First, the usual load
path described above may not be appropriate depending on the proportions of the building. The
predominant mode of resisting lateral loads by a compact building may be through cantilever beam
action as opposed to the shear wall/diaphragm action described above. Refer to Section 6.6.3 for
further discussion on modeling considerations for compact box-type structures.

Another consideration in the analysis of the shear wall/diaphragm systems is the effective width
of the diaphragm flanges. Some portion of the front and rear walls can be expected to act as
compression and tension flanges, respectively of the horizontal diaphragm slab. The effective width of
the flange is usually taken as approximately six times the wall thickness (Derecho). Since the dynamic
response of a member is affected by its natural frequency and maximum resistance, the flanges
should be considered when determining the diaphragm’s stiffness and strength.

A similar situation exists for the side shear walls. Some portion of the connecting front and rear
walls will act as beam flanges as in a C-shaped cross section in plan. Here again, an effective width
of'six times the flange wall thickness may be used.



6.6.2 Frame Structures

Modeling of frame type structures generally involves use of a MDOF approach due to
simultaneous application of lateral and vertical blast loads on the frame. A simultaneous application of
these forces generally results in combined axial and bending load conditions in the individual frame
members which significantly affect the member design. Otherwise, a conservative combination of the
separate effects of each loading condition on the response of the frame must be used. Advantage can
be taken of'the fact that peak responses due to the vertical and lateral loads do not generally occur
simultaneously.

Another consideration for frame type structures is whether to use a two or three dimensional
model. The appropriate choice depends on the symmetry of the structural resistance, mass and the
loading. Ifall three are symmetric, a two dimensional plane frame model will generally suffice.

Some studies of one and two story plane frames have examined the level of modeling detail
required to obtain reasonable results which are summarized by Baker (pp. 442-453). These studies
considered factors such as the number and spacing of joints, member loads versus joint loads, girder
flexibility, sweeping roof loads and mass distribution among other factors. Due to the large number of
variables studied, the reader is encouraged to refer to the referenced document to obtain a clear
understanding and appreciation of the results.

Selection of the material model is another important factor to be considered. Some programs
allow the user to specify plastic moment-rotation curves for beam elements. However, the more
rigorous and most widely available method of defining nonlinear material properties is to specify the
stress versus strain data. Plastic behavior is approximated at the section level in the former method
whereas, the latter method tracks plastic behavior at the individual integration points (fibers) through
the thickness of the member. Each method has its advantages and disadvantages.

The plastic hinge nonlinear material model is easier to use but usually can not consider axial load
effects. Plastic hinge locations must usually be predetermined and are usually limited to the ends of
the member. Analysis results which include displacements and plastic hinge rotations are directly
comparable against acceptance criteria.

The more rigorous stress/strain nonlinear material model, often referred to as the plastic zone
method, is theoretically capable of handling any general cross section. Both isotropic and kinematic
hardening rules are usually available. This method is most practical for homogenous materials such as
structural steel due to the complications involved with modeling composite materials such as
reinforced concrete. Output results include stresses and strains at various locations along the length
and through the thickness of each member. Obviously, the amount of output data that can be
generated can become very large.



6.6.3 Slender Box-Type Structures

A typical slender box-type structure is a rectangular, reinforced concrete building having a
width and length relatively small compared to its height. The response of such a building subjected to
lateral loads is characterized by cantilever beam action rather than shear wall/diaphragm action as
described in Section 6.6.1 above. In other words, the front and rear walls of the building act as the
flanges of a vertical cantilever beam while the side walls act as beam webs. This behavior is
sometimes discussed in terms of shear lag phenomena.

Some studies have been made to investigate when the cantilever beam mode becomes
significant (Gupta). Guidelines are available for determining when such a structure can be analyzed as
a cantilever beam, as opposed to a shear wall/diaphragm type structure. A cantilever type building
can be analyzed as a SDOF system whereas the shear wall/diaphragm type structure is usually
analyzed as a series of interconnected structural elements.



6.6.4 Walls With Openings

Openings in walls and roof sections can create a complex structural element in terms of
dynamic response calculations. Plate type elements without openings, such as one-way span walls,
can readily be represented by a simple SDOF system. Openings interrupt the distribution of stresses
and reduce the ultimate resistance of a component. The resistance can be determined through a yield
line analysis, which reflects the boundary conditions of the actual component including openings. The
process consists of establishing a trial yield pattern, computing the resistance of each sector of the
slab, and iterating the yield line locations until a convergence of the resistance in each segment is
obtained. The reader is referred to TM5-1300, Park & Gamble, and ASCE Manual 42 for more
detailed information.

A more direct approach is use of FEA methods to determine the resistance function. This
method can include the effects of openings. The resistance function can be used to develop a SDOF
system for computation of dynamic response through numerical integration or used to develop
pressure-impulse diagrams. Alternatively, the FEA approach can be used to determine the dynamic
response of the component directly. In either case, it is important to include the effects of coverings
for openings such as a blast door or window. Ifthe cover is relatively weak, as in the case of
unimproved windows, the opening can be treated as uncovered with little error.

In some cases, the opening is relatively small and the loss of resistance is minor. In other cases,
the perimeter of the opening can be designed with additional reinforcing to act as a support for the
door or window and transfer loads to the supports. This “framing” configuration eliminates the
weakening effect of the opening on the structural component.



6.6.5 Empirical M ethods

Empirical methods based on structural damage data collected from tests and actual explosions
are gaining use in evaluating existing structures for blast loading. Similar experienced-based methods
of structural evaluation have been developed for seismic loading. Although these empirical methods
are not yet common for blast resistant design, their use is expected to increase as more data is
collected and evaluated.

As briefly mentioned in Section 6.4.3, the P-1 Method is sometimes based on empirical
relationships. Mathematical expressions of P-1 damage curves are derived from test results. Refer to
Baker and CEDAW manual for further details.



APPENDIX 6
NUMERICAL INTEGRATION METHOD

The basic steps for numerical integration using the linear acceleration method and a bilinear
resistance-deflection function for compression and tension are outlined below. These steps are easily
programmed for use with personal computers using spreadsheets. The following procedure is based
on Microcomputer-Aided Engineering: Structural Dynamics , (Paz 1986). Implementation
examples are included in Chapter 11. Other numerical integration methods are based on a range of
approaches such as the constant velocity approach, multi-linear resistance-deflection functions, or
other methods based on the Newmark beta method. Modest differences in the resulting response are
not a cause for concern.

Initialize:
a. Determine the stiffness, K, mass, M, positive resistance, R, rebound resistance, R, damping

value, C, time increment, At, static load F g, reaction resistance coefficient, C i, and reaction force

coefficient, Cy.

For blast design, the damping is usually set to zero.
Reaction resistance coefficients are needed only if dynamic reactions are to be calculated.

b. At each time step (Step = 0 to last) , determine the value of the dynamic forcing function, F ...

Flast

c. For the initial time step (step = 0) , initialize the displacement, velocity, acceleration, yield
displacements, and resistance,

= F, /K
=0
ag=F./M
'::-'e._l:l R-';FI.K
Veo = Rol K
RII Fs.

¥
W

NOTE: The calculation of mitial displacement has changed from the previous version of this
report. In this version, the resistance is not reduced to account for static loads but rather the
mitial displacement if computed and the static load is added to the blast load.

d. Initialize the response indicator,
KEY,=0
NOTE: Values for KEY represent the following,
KEY =0 is elastic
KEY = +1 is positive plastic
KEY = -1 is rebound plastic

For each time step: (step = i, beginning with i = 0)



a. Calculate the effective stiffhess,

if (KEY; = 0) then K= K-+ {6 /AP M+ {3/ A C (6A.1)
otherwise Ko =06/ AF}M + (3 A C

b. Calculate the effective incremental force,
AFei= (Fisr - F) + [(6/ A0 M +(3) C]vi+ [(3IM + (At/2) Cl & (6A.2)
c. Solve for the incremental displacement,
A = AFei/ Kes (6A.3)
d. Calculate the incremental velocity,
Avi= (31 M) Ayi- (3) vi- (AL 2) (6A.49)
e. Calculate displacement, and velocity at the next time step (Step =1 + 1),

Wisl = ik A (6A.5)
Vis = Wk A (6A6)

f Determine the calculation case indicator, Z, for the next time step, (Z is used as a switching
mechanism in selecting the appropriate formulas for KEY, y ., and y,_)

if (KEYi < 0} and (vi+1 < wi} then S = 1 (64T}
if(KEY; <0} then £ ;=2

if (KEY; = 0) and (¥4 = ¥i) then £y = 1

if(KEY;> 0) then Z iy
i {Wirs = Vi) then Z i
if (¥ir = Ve i) then Z i
otherwise Zpg =4

::.\:\JI:_H.

NOTE: Values for Z represent the following;

Z =1 is increasing plastic deformation

Z =2 is end of rebound plastic deformation
Z =3 is end of positive plastic deformation
Z =4 is continued elastic deformation

Z =5 is start of rebound plastic deformation
Z = 6 is start of positive plastic deformation

g. Determine the response indicator for the next time step,

if (Zisg = 1 or 4)then KEEY,,, =KEY; {6A.8)
if (Zieg = 5)then KEY,; .y = -1

if (Zisg = 6) then KEYju= 1

otherwise KEY = 0

h. Determine the positive yield displacement at the next time step,
if (£ = 2) then Ve Vit {(Ra-Ru )}/ K (6A.9)

if (Zizs = 3) then ye s = ¥
Otherwise Y = Vei

1. Determine the rebound yield displacement at the next time step,

if (£ = 2] then yesn = ¥i (6A10)
if (Li+i = 3) then Ve =¥i-{Ra - R}/ K
Otherwise Yo i ™ Ve



j. Calculate the resistance at the next time step based on the value of KEY,
if (KEY i1 = 0) then Riss = Ru - (Yaist - vit) K (6A.11)
if (KEY3 = 1) then Ry, =R,
otherwise Ry = By,
k. Calculate acceleration at the next time step,
a1 = [Fa + Fist -{C) Vir - Rt ]/ M (6A.12)
1. If desired, calculate the dynamic reaction,
Vi= (Cr) Ri +(Cs) Fi (6A.13)
m. Positive and rebound ductility ratios may be calculated as follows,
Mai = (¥i - ¥ei+ Yo / Yep (6A.14)

. {}'a = Veai t l}'e-\l:l} ! Ve {fl."'t i'S_I-

n. Repeat the loop until the desired deformations are reached.



CHAPTER 7
DESIGN PROCEDURES

7.1 INTRODUCTION

The purpose of this chapter is to tie together all the subjects of the preceding chapters and to
discuss design requirements for structural elements. General blast design concepts which apply to all
structures are discussed. Next, a design sequence is outlined. Finally, specific design methods for
blast resistant building construction are presented.



7.2 GENERAL DESIGN CONCEPTS

Several important concepts should be kept in mind while designing buildings for blast
resistance. These concepts include energy absorption, safety factors, limit states, load combinations,
resistance functions, structural performance considerations, and most importantly, redundancy. A
design satisfying all required strength and performance criteria would be unsatisfactory without
redundancy.

Although the structural design codes (i.e. AISC 360, ACI 318, and ACI 530) do not
specifically cover blast resistant design, they remain the best design tools commonly available and are
supplemented by these design recommendations.



7.2.1 Energy Absorption

The need for achieving ductile responses has been discussed previously in Chapter 5 .
However, both strength and ductility are necessary to achieve high energy absorption. Energy
absorption capacity equates to the area under the load versus displacement diagram, or resistance
function, of' a member or overall structure (refer to  Figure 5.1). High energy absorption capacity is
achieved through the use of appropriate structural materials and details. These details must
accommodate relatively large deflections and rotations in order to provide redundancy in the load
path. High strength with low ductility is undesirable for conventional design, and is even less desirable
for blast resistant design.



7.2.2 Safety Factors

Traditional definitions of safety factors in terms of strength requirements, such as load-
resistance factors or allowable stresses, are not applicable in blast resistant design. Safety factors are
more appropriately measured in terms of strain energy demand versus strain energy absorption
capacity. Allowable deformations are a practical method to quantify energy absorption capacity.

Margins of safety against structural failure are achieved through the use of allowable
deformation criteria as presented in Chapter 5. As long as the calculated deformations do not exceed
the allowable values, a margin of safety against failure exists.

An additional method which has been used to achieve a margin of safety is to increase the
design blast pressure loading. For example, UFC 3-340-02 recommends adding 20% to the weight
of the charge. However, increasing the blast load is not common, and is not recommended, for
petrochemical explosions because of the methods used in load prediction.



7.2.3 Limit State Design

Limit state design methods are used in blast resistant design. These methods provide a
comprehensive, reliable and realistic means of predicting failure mechanisms and structural capacities.
Limit state design specifications are available for structural steel, cold formed steel, reinforced
concrete, alummum, and reinforced masonry. Details on the implementation of these methods are
given in subsequent sections in this chapter for each class of material.

Each of the limit state design specifications contains special provisions for high seismic
conditions, which are commonly used for blast resistant design. These provisions are intended to
protect against nonductile failure modes, such as buckling or premature crushing of brittle materials,
through use of special detailing and design requirements.



7.2.4 Loading Combinations

Limit state design specifications define the load factors and combinations of loads to be used
for conventional loading conditions such as dead, live, wind and earthquake. However, no current
limit state design specifications cover blast loading conditions. Blast loads are combined with only
those loads which are expected to be present at the time of the explosion. Therefore, blast loads are
not combined with earthquake and wind loads.

The basic limit state loading combination for all material types used in blast resistant design is as
follows:
LO(DL) + 1.0{LL) + 1.0(BL) 1)
where,

DL = dead load
LL = live load
BL = blast load

All or part of the live load may not be used, refer to Section 6.2.4. Unit load factors are based
on the presumption that the accidental blast loading condition is an extremely rare occurrence.



7.2.5 Resistance Functions

In order to determine the dynamic response ofa system, one needs to develop generalized
force versus deflection relationships for the overall structure or each member. These force versus
deflection relationships are usually nonlinear (due to materials or geometry) and are called resistance
functions. They are an essential nput parameter for the analysis of equivalent single degree of
freedom (SDOF) systems. Resistance functions are not usually needed for analyses of multi-degree
of freedom (MDOF) systems. Material models employing nonlinear stress versus strain data, as
discussed in Chapter 5, are used in MDOF systems.

The first step in developing a resistance function is to determine the plastic section capacities,
such as plastic moment, M, as shown in Chapter 5 of Biggs.
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FIGURE 7.2: Resistance Function for Member With Sequential Plastic Hinges

The piecewise linear curve representing the resistance function shown in Figure 7.1 is an



approximation made to simplify the analysis and design process. This approximation ignores some
nonlinear effects such as:

e concrete and masonry - softening due to cracking, initial yielding
¢ reinforcing steel and structural steel - strain hardening

e structural steel - progressive yielding of fibers through the section thickness

Preloads are sometimes considered in developing resistance functions. Preloads are any dead
or live loads which cause a deformation in the member and thereby use up some of the available
strain energy. Effects of preload on equivalent SDOF system analyses are sometimes handled by
reducing the calculated available resistance by the amount of the preload. Another approach is to
simply superimpose the preload on top of the blast load.

Resistance functions can be further approximated by elastic, perfectly plastic bilinear functions
which are used in the development of response charts and formulas. The approximation is made by
maintaining maximum resistance and equating areas under the curve (strain energy) up to maximum
resistance, R, as shown in Figure 7.2. Maximum resistance values may be different for the positive
and negative loading directions. Strain hardening effects can be considered, refer to Section 5.5.5. A
typical resistance function is illustrated in Figure 7.3.
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FIGURE 7.3: Typical Simplified Elasto-Plastic Resistance Function
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The basic steps outlined above for the design of flexural members also apply for shear
members. One major difference is the determination the initial stiffhess (slope) of the resistance
function. Shear deformations are as large or larger than flexural deformations for these types of
members and therefore cannot be neglected as is the case of flexural members. Maximum resistance
is determined in accordance with the shear strength design provisions of ACI 318 without strength
reduction factors (¢ = 1.0).



7.2.6 Structural Performance Considerations

Structural performance requirements for blast resistant design include limits imposed on
member deflections, story drifts and damage tolerance levels. Conventional serviceability
requirements are not applicable for the one-time severe blast loading conditions. Refer to  Chapter 5
for additional information.



7.3 MEMBER DESIGN PROCESS

The following steps depict the design process for individual members. Descriptions of each
individual step are given in the following sections.

STEP 1: LOAD DETERMINATION

STEP 2: DETERMINATION OF MEMBER PROPERTIES
STEP 3: MODEL REPRESENTATION

STEP 4: TRIAL MEMBER SELECTION

STEP 5: DYNAMIC ANALYSIS

STEP 6; DEFORMATION CRITERIA CHECK

STEP 7: CONNECTION DESIGN

These steps are described in the following sections.



7.3.1 Load Determination

For primary members (external walls, roof slabs, etc.), the load computation is performed in
accordance with Chapter 3. Loads on supporting, or interior members, are determined either by 1,
the tributary area method or 2, from a computed dynamic reaction. In the tributary area method,
external blast pressures are multiplied by the exterior surface area tributary to a support location. The
resulting force is then applied to the next member. Dynamic reactions result from a numerical time
history analysis (refer to Section 6.4.5) and provide a more accurate time-varying load on the
supporting member. Use of dynamic reactions in SDOF analyses should be limited to one supported
component. Use for a sequence of supported members could result in erroenous results. Dynamic
interaction and inherent damping in an actual structure cannot be properly captured through the use
of SDOF methods.



7.3.2 Determination Of Member Properties

Member properties are determined in accordance with Chapter 5 . Required dynamic
properties usually include unit weight, modulus of elasticity, elastic yield strength, and allowable
deformations. Additional properties include post-yield strength or membrane resistance.



7.3.3 Model Representation

Mathematical models for individual structural members will need to be developed. The engineer
will then decide on the most appropriate structural representation, such as one-way versus two-way
action, and loading distributions for each member. Individual members are usually idealized as simple
one-way beams or two-way plates since these types of members can be adequately analyzed as
equivalent SDOF systems with minimal engineering effort. One-way members are the most common.

Boundary conditions need to be evaluated based on the type of connections to be used for the
member supports. The engineer must keep in mind that support details must provide sufficient
strength, ductility and stability to enable the member to develop full collapse mechanism. Support
capability to resist reaction forces for both the loading and rebound phases of the response must be
considered when evaluating boundary conditions.



7.3.4 Trial Member Selection

Unlike most static design procedures, dynamic design requires a trial and error approach. Only
n the verification of shear capacities and in the design of support connections can member
proportions be directly determined. For the dynamic analysis, the needed nonlinear response
properties are determined from a trial section. The analysis results then indicate the adequacy of the
trial section. Experience on the part of the engineer will help in reducing the number of iterations. The
use of simple computer based design approaches help to reduce the time required for each analysis
iteration.



7.3.5 Dynamic Analysis

The dynamic analysis itself is then performed by one of a number of different methods ranging
from simple chart or equation solutions to complex nonlinear finite element analysis. Analysis
methods are covered in Chapter 6. The purpose of this step is to compute member deformations and
reactions.



7.3.6 Deformation Criteria Check

Analysis results will indicate peak element deformations which should be compared to the
allowable values given n  Chapter 5. Deformations will be dealt with in terms of ductility ratios,
support rotations, deflections, or as deflection-span ratios. If the allowable values are not met, then
some changes to trial member sizes or to structural configurations must be made and the analysis
repeated. Material specific criteria are provided in Sections 7.4 through 7.6.



7.3.7 Connection Sizing

Connections must be sized to transfer computed reaction forces and to ensure that plastic
hinges can be maintained in the assumed locations. For reinforced concrete design, splices and
development lengths must provide for the full yield capacities of reinforcing. For structural steel
design, connections are designed for a capacity somewhat greater than that of its supported member.
Further information is provided in later sections of this chapter. Typical connection details are
provided in Chapter 8.



7.4 REINFORCED CONCRETE DESIGN

Reinforced concrete is often used in petrochemical buildings for the exterior faces directly
exposed to blast effects. The exterior faces may be cast-in-place or precast.

Wall and roof elements are usually made of reinforced concrete for projectile penetration
resistance. Roof and side wall structural elements may also use the nherent in-plane strength of
concrete to resist lateral blast forces. Being relatively thin flexural elements, walls and roofs should be
designed for a considerable ductile response in order to absorb blast energy without transmitting it to
the supporting elements. Construction preferences often indicate the need to eliminate shear
reinforcing if at all possible to reduce field labor costs. The combination of these objectives leads to
the need for higher strength concrete.

Precast walls are used for two reasons: to reduce the cost of the building through decreased
field labor, and to shorten the schedule by constructing the walls and foundations simultaneously. The
largest drawback for the use of precast structural elements is the design and detailing of connections.
As i seismic design, special attention to ductility must be paid.

Foundations are always constructed of reinforced concrete. Blast resistant buildings can be
supported on piled or soil supported mats. Spread footings are used with a grade beam system to
minimize relative displacements between individual footings.



7.4.1 Design Principles

ACI 318 is used to extend standard concrete strength and ductility requirements to the design
of blast resistant structures. The resistance of concrete elements is computed using the dynamic
material strengths given in Section 5.4. Strength reduction factors are not applied (ie. ¢ = 1.0) to
load cases nvolving blast. The plastic response used in blast design is similar in concept to the
moment redistribution provisions in ACI 318, Section 8.4 and the seismic criteria provided in ~ ACI
318, Chapter 2 1. The more extensive seismic detailing provisions are applied to provide the
necessary ductile response.



7.4.2 Supplementary Design Require ments

In additionto ACI 318 requirements, the following items should be considered for blast
resistant design.

a. Minimum reinforcing: The minimum reinforcing provisions of ACI 318 apply, however
the option to use one-third more reinforcing than computed should not be taken. The
moment capacity of under-reinforced concrete members is controlled by the uncracked
strength of the member. To prevent a premature ductile failure, remforcing in excess of the
cracking moment should be provided. In computing minimum reinforcing, the dynamic
material strengths discussed in Chapter 5 should be used.

b. Maximum reinforcing: Code provisions for maximum reinforcing are included to prevent
crushing of concrete prior to yielding of steel. Code provisions also allow compression
reinforcing to offset maximum tension reinforcing requirements. Because blast resistant
concrete members typically have the same reinforcing on each face to resist rebound
stresses, maximum reinforcing provisions should not be a problem.

c. Substitution of higher grades of renforcing: The substitution of higher grades of
reinforcing should not be allowed. Stronger reinforcing tends to increase the moment
capacity of a concrete section while not affecting the concrete shear capacity. This could
cause a ductile response to become non-ductile. Additionally, a higher moment capacity
will tend to increase the dynamic reaction which the supporting member must resist.
Because ASTM specifications provide minimum requirements, mill test reports should be
reviewed for possible significant over-strength.

d. Development lengths: Development lengths should not be reduced for excessive
reinforcement. Because plastic hinges will cause over-designed reinforcing to yield, the full
actual strength of reinforcing should be used in computing section capacities. The
development of reinforcing should be computed accordingly.

e. Serviceability requirements: Criteria intended to reduce cracking at service load levels
need not be applied to load combinations including blast. Cracking, as well as permanent
deformations resulting from a plastic range response, are an expected result of such an
unusual type of load. The ductility limits of Chapter 5 are consistent with the performance
requirements of the building under blast.

f. Lacing: This a special type of shear reinforcing that uses a continuous zigzag shape to
very effectively tie together longitudinal bars. Lacing is traditionally used only in highly
special situations, such as containment walls, where very large deformations are tolerable.
Recent reports on slabs indicate adequate plastic rotation capacity can be achieved with
the use of standard tie bars or stirrups to restrain longitudinal reinforcing.

g. Combined Forces: Some concrete elements are simultaneously subjected to out-of-
plane bending loads in combination with in-plane shear loads. For example, side walls
must resist side overpressures acting into the plane of the side wall. Additionally, reactions
from the roof diaphragm acting in the plane of the side wall must also be resisted. There
are three means of dealing with this situation:



1. Separate sets of reinforcing may be determined for each type of force to be resisted. For
example, exterior reinforcing may be sized to resist bending while a layer of center reinforcing
may be used to resist in-plane shear. Care must be used to make sure hinge capacities are not
changed as a result of reinforcing intended for other purposes.

2. An interaction equation, based on criteria from ASCE Manual 42 can be applied to
determine acceptable behavior:

[A¢'Aly’ + [Ag/ M)y = 1.0 (7.2)
whers,
Mg computed deformation (ductility ratio or support rotation)
Ay allowable deformation (ductility ratio or support rolation)
ip (subscript) in-plane deformati ons
op {subscript) oul-of-plane debrmations

3. The time phasing of in-plane shear and normal loads can be determined from a numerical
mtegration. Provided the peak forces are reached at different times, these forces can be
treated separately. Judgment must be used to make this determination.



7.4.3 Failure M echanis ms

The primary failure mechanisms encountered in reinforced concrete buildings are flexure,
diagonal tension, and direct shear. Of these three mechanisms, flexure is preferred under blast
loading because an extended plastic response is provided prior to failure. To ensure a ductile
response, sections are designed so that the flexural capacity is less than the capacity of non-ductile
mechanisms.

Shear remforcing is not commonly used in wall and roof elements even though reinforced
elements can undergo an extended plastic response. Shear reinforcing increases the diagonal shear
capacity of the member, but more importantly, it provides lateral restraint for the principal
reinforcing. Such restraint is vital for large deformations where exterior protective concrete will spall.

Other failure mechanisms involve portions of structural elements or the transmissions of loads
between elements. These other mechanisms must be sized so as not to control the overall structural
response. Such failure mechanisms include failures of reinforcing development, precast connection,
anchor bolt embedments, and door connections. These types of failures involve reinforcing
development and anchor bolt embedment. Non-ductile failures are prevented by providing a
concrete embedment strength greater than the material strength of the anchor bolt or reinforcing bar.
Connection type failures involving precast connections or door and window frame embedment are
avoided by designing these connections so that the plastic hinge occurs away from the connection.

Situations will occur where a ductile bending mechanism is not attainable. Deep roof
diaphragms and side walls resisting in-plane shear are two examples. For these cases, the response
must be limited accordingly. Refer to Chapter 5 for these limits.



7.5 STEEL DESIGN

Applications for structural steel in blast resistant design include beams and columns for the
support of vertical loads, braced and rigid frames for the support of vertical and horizontal loads, and
specialized elements such as doors, window frames, decking, and protection for duct openings. For
lower blast loads, steel siding can be used.

Structural steel has the advantage of quick assembly at the jobsite. Specialized elements, such
as doors, are usually delivered in one piece ready for installation into concrete formwork or into the
building frame. Being a factory produced material, steel has well controlled and predictable strength
and post-yield properties. Unlike concrete, steel has good tensile as well as compressive strength.

The disadvantages of structural steel in blast design are twofold. The most significant is the
inherent slenderness of steel and the possibility of premature local or general buckling. A less
significant disadvantage is that steel siding has a lower resistance to projectile penetration.



7.5.1 Design Principles

The AISC Specification for Structural Steel Buildings (AISC 360) is used as the basis for
blast resistant design. The resistance of structural steel elements is computed using the dynamic
material strengths given in Section 5.4. Strength reduction factors are not applied (ie. ¢ = 1.0) to
load cases involving blast. The resistance of structural steel elements is computed using plastic
analysis techniques and seismic detailing provisions.

Slenderness considerations are of particular importance to the ductility of structural steel
members. Steel, as compared to other building materials used in blast design, is considerably thinner,
both in terms of the overall structure and the components of a typical member cross section. As a
result, the effect of overall and local instability upon the ultimate capacity is an important
consideration. Width-thickness provisions must be applied not only to the extent that a full plastic
capacity can be achieved, but to the extent that higher ductility ratios can also be safely reached. The
width-thickness ratios, from Table I-8-1 of ~ Seismic Provisions for Structural Steel Buildings
(AISC 341) are used for this purpose.



7.5.2 Supplementary Design Require ments

In addition to AISC 360 requirements, the following should be considered for blast resistant

design:

a. Substitution of higher grades of steel: Substitutions of higher grades of steel should not
be allowed. Higher grades of steel possess less effective resistance-deflection curves, may
alter the relationship between flexural and shear capacity, and tend to increase the
dynamic reaction which supporting members must resist.

b. Cold formed steel: AISI 2001 is used with several adjustments. The special provisions
within these specifications pertaining to seismic design are adopted for blast resistant
design.

c. Diaphragms: In the design of walls to resist blast pressure loads, it is generally assumed
that the walls are supported at opposite sides for one-way slab design or supported at
four sides for two-way slab design. Therefore, the roofs or the floors should be designed
adequately as diaphragms to resist the in-plane loads and transmit them to the resisting
shear walls.

In addition to the above in-plane loads, the roof diaphragms also are subjected to
normal positive overpressures and, to a less severe extent, normal negative
pressures.

Roof diaphragms should be designed to resist lateral wall reactions applied as in-
plane loads as well as blast overpressures applied as out-of-plane loads. Though
Equation 7.2 could be used for this load interaction, separate structural bracing
members are normally added to transfer lateral wall reactions. Refer to ~ AlISI 2001
for further information.

d. Connection design: To maximize the plastic response, the connection must not control
the capacity of the member. Preferably, a moment connection will force a plastic hinge
away from the connection and into the member. Connection strength is determined
through AISC 360 design methods. Ductility requirements are implemented through the
use of appropriate connection details.

Both welded and bolted type connections are used in rigid and semi-rigid
construction. There is no particular advantage of using one type over the other with
regard to joint performance under blast loading conditions. Since plastic hinges are
likely to be formed at member connections, special connection details require careful
consideration of the effects of possible stress concentrations. Sharp corners and
weld details prone to undercutting should be avoided. ~ AISC 360 fatigue criteria
should be consulted for additional information.

Some insight on what types of details should be used or avoided can be obtained by
referringto  AISC 341. Additional discussions of the basic design concepts for
structural steel connections are givenin  Chapter 6 of TR 4837 and Chapter 5 of
UFC 3-340-02.

Detailed evaluations of connection ductility are usually not performed. However, in



some special cases it may be necessary to evaluate moment versus rotation
characteristics. Theoretical methods for predicting connection behavior, as well an
electronic database of actual test data, are available from Chen. Useful information
on moment versus rotation relationships for various types of connections can also be
obtained from Committee 43, White 1991, and ASCE Manual 41.

e. Cladding: Cold-formed light gauge sheet metal panels are a common cladding material
used in petrochemical buildings. Prefabricated buildings with metal siding and roof deck
panels are quite common in petrochemical facilities. These are used only in low blast
pressure applications due to premature buckling of the relatively thin webs.

The AISI LRFD Cold-Formed Steel Design Specification (AISI2001) is used as
the basis for blast resistant design. Strength reduction factors are not applied (i.e. ¢ =
1.0) to load cases involving blast. ASTM A653 is the widely-used material by cold-
formed steel fabricators. Properties of steel panels can be found from manufacturer
catalogs. It is also to be noted that section properties of cold-formed steel panels will
change with the increase of load intensity. As the load increases beyond the level of
local buckling, properties like area and moment of inertia decrease and deflection
increases. For large deflections, the steel panel acts as a membrane in tension.
Therefore care must be exercised in selecting the proper section for the anticipated
load.

The resistance of a cold-formed steel panel is computed using dynamic increase
factors givenin Chapter 5. Chapter 5 also suggests a factor of 0.9 in computing
resistance in flexure and provides necessary equations.

The primary failure mechanisms encountered in cold-formed steel panels are bending
and shear. Care must be exercised to preclude shear failure by increasing the span
length etc. Since cold-formed steel panels will usually have thin webs, web crippling
must be prevented by providing sufficient bearing area.

Acceptable response ranges are given in Chapter 5. Use low response range values
when tension membrane action is not present. Use high range values when tension
membrane action is permitted and steel panel end connections are properly
designed.



7.5.3 Failure Mechanisms

Ductility limits for structural steel members are established such that gross member collapse due
to failure of the member itself or its connections is precluded. It is presumed that local and gross
member instabilities are prevented by providing adequate bracing and stiffeners. Shear failure modes
are also to be precluded by design. Determination of failure mechanisms and corresponding
capacities for flexural members and beam-columns are adequately covered by AISC 360.

Connections of structural steel members are generally designed to develop the full strength of
the member. With regard to ductility evaluations for connections, explicit checks are generally not
made. It is presumed that satisfaction of the gross member displacement ductility criteria ensures the
mntegrity of the member connections.



7.6 REINFORCED MASONRY DESIGN

Masonry, both reinforced and unreinforced, is a common construction material in petrochemical
facilities. However, unreinforced masonry is imappropriate in blast resistant design due to its limited
strength and its nonductile faiture mechanisms. Reinforced masonry walls with independent structural
framing for vertical loads are commonly used in blast resistant design.

The blast capacity and ductility of reinforced masonry walls are much lower than can be
achieved with reinforced concrete of comparable dimensions. The lower capacities are due to the
limited available space for placing steel reinforcing, the lower compressive strength of the masonry,
and the limited mortar bond strength.



7.6.1 Design Principles

ACI 530 is used to design blast resistant masonry structures. The resistance of masonry
elements is computed using the dynamic material strengths given in Section 5.4. Strength reduction
factors are not applied (i.e. ¢ = 1.0) to load cases involving blast. Additionally, strength design
principles for reinforced masonry are well documented in many texts such as  Schneider. Ductility is
achieved by adhering to ACI 530 detailing provisions for high seismic zones.



7.6.2 Supplementary Design Require ments

Design requirements corresponding to  ACI 530 seismic criteria are used in blast resistant
design of masonry structures, with some minor adjustments:

a. Interaction: Interaction between in-plane and out-of-plane loading effects is considered
by using Equation 7.2.

b. Shear Walls: As is the case for reinforced concrete, it is not generally practical to
achieve flexural failure modes for reinforced masonry shear walls. However, the use of
shear reinforcing in the form of horizontal joint reinforcing does provide some limited
ductility.



7.6.3 Failure Mechanisms

The failure mechanisms of interest in reinforced masonry wall elements include flexural,
transverse shear, in-plane shear and in some cases, combined axial compression and flexure.
Buckling failure modes of compression elements and connection failures are to be avoided.



7.6.4 Diaphragms

Diaphragms transfer blast loads to supporting members through in-plane action. The most
common type of steel diaphragm is a cold-formed, corrugated floor or roof deck which transfers
lateral loads to shear walls or braced frames. Very little published technical guidance exists pertaining
to the design of diaphragms for severe loading conditions. The recommended procedure is to design
metal diaphragms elastically using conventional design methods outlined by ~ SDIl and AISI 1967 .
Refer to Yu (Chapter 9) for a comprehensive discussion including examples on the design of steel
diaphragms. The design of metal cladding on the exterior surfaces of buildings for flexural action is
discussed in Section 7.7.

Special considerations for attaching roof decking to the structural frame are listed in ~ UFC 3-
340-02, Sections 6-17 through 6-22 and in NEFC, Section 5.4 for blast loading conditions. These
considerations include items such as material specifications, minimum recommended rib depth and
sheet metal gage, side lap requirements and fastener details. The emphasis is on providing
connections having adequate strength to secure the roof deck under combined inplane and normal
loads.

In addition to the in-plane loads, roof diaphragms also are subjected to normal positive
overpressures and, to a less severe extent, normal negative pressures. Diaphragms should be
designed to resist simultaneous in-plane and normal blast loads in conjunction with other applicable
loads. The time lag between in-plane and normal loads may be taken into account in the design. The
deflection of the diaphragm should be checked to confirm that it does not exceed permissible
deflections established for attached elements.



7.7 FOUNDATION DESIGN

Normally, the overall blast capacity of a building is not controlled by its foundation because
there is usually adequate inherent strength to prevent a catastrophic failure or excessive movement.
However, excessive dynamic movements from a blast load could result in unacceptable foundation
damage, which because of inaccessibility, can be difficult and expensive to repair. As described in
detail in Chapter 10, foundation analysis and design issues may also be more technically challenging
in the case of existing older buildings that were originally designed for blast loadings that are lower
than current practice, where changes in resultant loading levels could result in more severe foundation
problems.

There are two basic approaches to foundation design: static and dynamic. The static design
approach is almost always selected because of'its simplicity. However, sometimes an overly
conservative design could result. The dynamic approach involves a very complex analysis, although it
should result in a more realistic design.

Typical structural foundation types used for blast resistant structures tend to be more rigid and
tend to provide more continuity than those used for conventional design. Relative displacements
between columns and walls need to be minimized in order to maintain structural integrity. This is
similar to seismic design which is accomplished by using grade beams to tie together spread footings
or pile caps, or by using combined mat foundations. Because lateral blast forces are quite high
compared to conventional loads, battered piles may be required. Structural connections of lateral
supporting elements such as battered piles should be properly detailed.

Under some conditions, high uplift forces transferred to the foundation exceed its uplift
capacity. In this case anchor bolts should be designed for the weight of the individual foundation,
including soil weight above the footing (if footing is buried) and the nertia effects of the foundation
and soil, rather than the peak uplift reaction of the column as determined using an analytical model
where uplift is restrained. Inertia effects can be estimated by constructing an isolated, simplified sub-
model or free-body diagram of the foundation system, and applying the calculated dynamic reaction
force as a time varying load. It is necessary to include some extensional flexibililty of the column or
anchor bolts in this simplified sub-model, otherwise the resulting rigid body model analysis will not
yield any reduction in the anchor bolt design forces. An estimate of the maximum uplift for the
foundation can be obtained by applying the impulse-momentum and work-energy principles.

In general, mat foundations should be the choice of foundation type for blast resistant buildings.
Floating slabs should not be used as a diaphragm in foundation design due to inadequate lateral
support for walls.

A preferred method of integrated foundation design is that foundation walls be poured
monolithically with the slab and concrete or masonry walls that begin at the slab level. This design
encapsulates the soil between the foundation walls which increases the mass of the foundation system
and thereby provides greater resistance to blast forces, with resulting reduction in horizontal
displacements.

A suitable connection between the foundation and prefabricated superstructure should be
provided, to ensure that the foundation is an integral part of the blast load resistant system. The
horizontal load on the connection should not exceed the friction force between concrete of the
foundation and soil. The passive pressure on the side of foundation from adjacent grade down to 2 ft



(0.6 m) below grade should not be considered in the calculation of lateral resistance. In some cases
where site subsurface condition at structure locations are poor, i.e., consisting of soft compressible
soils, pile foundations may be required to provide a portion of lateral resistance to blast loads.

In developing the soil and pile ultimate capacities, the rate of loading effect due to the impulse
load, which typically results in greater resistance, may be considered.



7.7.1 Static Design Method

In the Static Design Method, foundations are typically designed for the peak reactions obtained
from the superstructure dynamic analysis. These reactions are treated as simultaneous static loads,

disregarding any time phase relationship. The basis for equivalent static design is discussed in TM 5-
856.

Under blast conditions, maximum soil bearing and passive pressures are selected to prevent
excessive foundation movement. The following factors of safety (defined as the ratio of ultimate
capacity of the foundation element to the combined dead plus blast induced loads) are often used in
equivalent static design for foundations:

1.2 for vertical loads on soil
1.2 for vertical loads on piles

1.5 for lateral loads on vertical piles with or without passive resistance
1.2 for lateral loads on battered piles without passive resistance
2.0 for lateral loads on battered piles with passive resistance

1.0 for lateral loads resisted by frictional resistance between soil and bottom of mat or footing.
1.5 for lateral loads (in excess of friction) resisted by passive resistance

1.2 for overturning



7.7.2 Dynamic Design Method

The static design procedure described above is widely used in the petrochemical industry.
Occasionally, static design results in a foundation which is impractical or too costly. In this situation,
the dynamic analysis method can be used. A dynamic analysis takes into account the inertia of the
foundation mass in resisting the load, and will generally yield a more economical design. The
procedure is described in detailin - TM 5-856 (Volume 4) and TR 4921 . Another reference for a
similar design approach is from Principles of Soil Dynamics (Das), Chapter 6, "Dynamic Bearing
Capacity of Shallow Foundations". This has closed-form solutions and graphs for cases of shallow
foundation rotation and vertical displacement.
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FIGURE 7.4: External Forces on a Foundation (from UFC 3-340-02)

The forces acting on a foundation are indicated in Figure 7.4. The equations of motion for the
foundation can be derived from the equilibrium of forces and moments at the center of gravity:

vertical forces:

M ay + Ky Fylt)+ Fy {7.3)
horizontal forces:

M ay + Ky (- yoh) = Fplth {T4)

rotations:



My ag+ Ko ve - Ka (ya- yoh) h = Fyll) (7.5)
whers,

ay = horizontal acceleration

ay = vertical acceleration

ag = rotational acceleratwom

Fu = horezontal dynarmic load

Fy = vertical dvnamic load

Fo = rotational dynamic load

g acceleration of gravity

h height From lateral s0il resistancs o center of gravity
Ky = horizontal soil stiffness

Ky = vertical soil stiffness

Ko = rotational soil stiffness

M = mass of structurs

My = mass moment of inertia about center of gravity
vi = horweontal deflection

vy = vertical deflection

Vg = rolational de flaction

As for other materials, the soil stiffhesses Ky, Kyg, and K are limited by ultimate soil capacities

and the displacements required to develop them. Furthermore, reversals of movement and uplift can
generate zero resistance and must be appropriately included in the analysis. Ultimate uplift resistance
for buried shallow foundations and for pile foundations may be significant, although the displacement
associated with such resistance may be different than in the case of compression or downward

vertical loading. The lateral stiffhess, K, is determined from friction, adhesion, and passive pressure

as applicable with an appropriate moment arm, h. For shallow foundations subjected to simultaneous
uplift and lateral forces, there may be a loss of lateral sliding friction along the foundation bottom,
although passive soil resistance against the foundation will still be available.

Prior to undertaking a dynamic analysis, it should be verified that appropriate soil stiffhess
values for Ky, Ky, and Ky are available from geotechnical engineering data and analysis.

Knowing the forcing functions and reactions from supported members, the translational and
rotational movements of the footing can be calculated using a nonlinear numerical integration similar
to that described in Section 6.4.5. Note that the lateral and rotational movements are coupled and
require a modified numerical integration for two degrees of freedom. If maximum movements are
found to be excessive, the foundation should be enlarged to increase its contact with the soil or
deepened to increase the passive soil resistance. This trial and error approach is used until a
satisfactory design is achieved.

Flexible frame type structures do not affect the foundation dynamics and the associated mass is
not included. For shear wall type structures, the effect of the superstructure is more pronounced and
should be included in the analysis. In general, the foundation model should include all structural
elements which tend to move rigidly with the foundation. Refer to  TM 5-856 (Volume 7), Section
9.06, and TR 4921 for further details.

Allowable foundation movements are usually left to the judgment of the foundation engineer. As
for structural elements, it is usually impractical to limit foundations movements to elastic limits. Thus, a
certain level of sliding and/or overturning is often tolerable. The building engineer should consider
such things as repair and reusability of the building, the effect of foundation movement to
underground utility penetrations, and the effect of differential foundation movement on structural
elements.



7.8 DESIGN AGAINST PROJECTILES

There are two types of projectiles. Primary projectiles are caused by the disruptive failure of
pressurized equipment or rotating machinery. Secondary projectiles are defined as accelerated
unsecured objects which have been picked up by the blast from an explosion.

Defining the size and velocity of projectiles is beyond the scope of this document. In
considering the problem of projectiles, it is necessary to link the probabilities of the following (SCI-
P-112):

¢ the probability of a projectile occurring
o the probability of the projectile having or gaining sufficient energy to do damage

¢ the probability of the projectile impacting and doing damage leading to escalation

Ifthe combined probabilities are unacceptable then a prevention or protection strategy will have
to be implemented.

Projectile impact effects on a structural component are usually divided into two categories; local
effects and overall response. Local effects are largely independent of the dynamic characteristics of
the structure, whereas the overall response primarily depends on the dynamic characteristics of the
structure. If projectile resistance is required, appropriate methods given in SCI-P-112, UFC 3-340-
02, DOE/TIC-11268, ASCE Manual 58, PIP STC01018, and Kennedy may be used.



CHAPTER 8
TYPICAL DETAILS

8.1 INTRODUCTION

This chapter presents an overview of various details applicable to blast resistant structures.
Many details for conventional steel and concrete structures, and specific details for seismic design,
are applicable to these structures and are not included. Details should meet the requirements for
design capacity, energy absorption, and ductility.



8.2 GENERAL CONSIDERATIONS

It is essential that the design engineer recognize the job is not complete until the structural
system has been detailed in a manner that ensures the response will be consistent with the design
intent. The development of details should also consider cost and constructability.

The details discussed or illustrated in this chapter are some that have been found to be cost
effective and easily constructed. Structural steel connections are designed to move plastic hinge
formation away from the connection and nto the member. Reinforced concrete connections must
provide full development of reinforcing with ties to permit extended plastic deformations. The design
details included are not intended to limit the use of alternate designs.



8.3 ENHANCED PRE-ENGINEERED METAL BUILDING CONSTRUCTION

The enhancement of these types of buildings is achieved by using closer spacing for the building
frames and girts and combining sections of the standard AISI cold-formed shapes to achieve

symmetry.
Oversized washers are used to secure the cladding to the frames to minimize tearing under the

effects of blast or rebound loads. Figure 8.1 illustrates the use of oversized washers. An alternative is
to use conventional plug or puddle welds at spacings required to meet the load conditions.



8.4 MASONRY WALL CONSTRUCTION

All masonry must be reinforced and details typically used for reinforced masonry construction
are applicable to blast resistant design.

However, one additional requirement for blast resistant design should be considered. The
presence of negative pressures and rebound forces require that wall-to-frame connections be
provided to ensure proper transfer of these outward acting forces. Figure 8.2 shows an application
of anchor straps to handle rebound forces.



8.5 METAL CLAD CONSTRUCTION

Most details for this type of construction are not uniquely influenced by blast resistant design.
For steel frame buildings, appropriate AISC steel details used for plastic design methods should be
used. The attachment of'the siding and roofing requires special attention and the details shown in

Figure 8.1 are applicable.



8.6 PRECAST CONCRETE WALL CONSTRUCTION

This type of construction uses a steel or concrete frame and precast concrete wall panels.
Many details have been developed for precast concrete walls. Details for precast walls should be in
accordance with the seismic requirements of ACI 318, Chapter 21.

The precast details covered in this section can be grouped into two categories: conventional
enhanced details and those that mimic cast-in-place details. Conventional enhanced details need to
be strengthened for blast resistant design.  Figures 8.3, 8.4, 8.5, and 8.6 are examples of these
details. One way to provide a reliable degree of strength and ductility is to mimic cast-in-place
construction. This approach has been suggested for conventional precast construction in seismic
areas. Figures 8.7, 8.8, and 8.9 are examples of these details.




8.7 CAST-IN-PLACE CONCRETE WALIL CONSTRUCTION

This type of construction may be totally reinforced concrete or may be a combination of
concrete or steel frames with cast-in-place or precast walls. Shear wall details should be developed
using the seismic provisions of ACI 318, Chapter 21. Figures 8.10 and 8.11 are typical cast-in-place
details.
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CHAPTER 9
ANCILIARYAND ARCHITECTURAL CONSIDERATIONS

9.1 INTRODUCTION

This chapter addresses blast resistant considerations for doors, windows and utility openings,
and also addresses special exterior and interior requirements. These considerations should be jointly
addressed by the different discipline members of the building design team.



9.2 GENERAL CONSIDERATIONS

When there is an opening in the blast resistant envelope, the blast wave will propagate inside
and result in an increase in the mterior pressure. UFC 3-340-02 illustrates a method for calculating
the change in pressure inside a building. The pressure increase should be evaluated for what is
tolerable for people and non-structural items, and all interior walls should be designed accordingly.

If a maximum permissible interior pressure is specified in the building’s design criteria, the
design team must ensure that each opening either completely blocks the nterior propagation or that
the effects are suitably mitigated.

The design of'the various devices used to protect building openings is a very specialized field.
Normally, the detailed design of the different elements and components of doors, window glass and
frames, blast valves and attenuators is performed by the manufacturer based on design criteria
provided by the engineer.



9.3 DOORS

This section deals with door design for resistance against an accidental explosion. Types and
applications of blast resistant doors are discussed, and design approaches are provided.

The building’s doors, due to their functional requirements and associated hardware limitations,
are a weak link in blast resistant design. Since doors are likely to be the largest opening mnto a
building they provide the largest potential source of blast wave propagation if the opening fails.
Doors need to be designed for the required blast load, specified damage, and operability
requirements.

Blast doors are available from a limited number of manufacturers with a wide range of blast
capacity. Low-range blast doors (refer to Section 9.3.1) are similar to hollow metal doors, but have
special detailing to increase the blast capacity of the doors. Mid-range and high-range blast doors
are designed to provide increased levels of blast load as the names imply. In general, all steel blast
doors are heavier that common doors and the higher the blast capacity of a door generally the
heavier the doors are. The additional weight causes these doors to move more slowly in manual
operation than personnel are expecting and will be more difficult to operate. Therefore, it is important
to choose an appropriate door for a given situation and not use heavier doors than required when
they are not needed. Operator assisted doors are available. An alternative is the use of lightweight
blast doors, which are principally composed of structural fiberglass. These doors can have
significantly greater deflection and lower blast capacity than commonly available steel doors but may
be appropriate for low blast demand situations.



9.3.1 Definitions

Throughout this section the terms low-range, mid-range, and high-range are used to distinguish
varying levels of blast pressures applied to blast resistant doors. The ranges come from the research
of product literature of several blast resistant door manufacturers. The terms are loosely defined as:

Low-Range Door - A door designed to withstand an equivalent static pressure that is less than 3 psi
(21 kPa).

Mid-Range Door - A door designed to withstand an equivalent static pressure in the range of 3 psi
to 25 psi(21 kPa to 172 kPa).

High-Range Door - A door designed to withstand an equivalent static pressure that exceeds 25 psi
(172 kPa).

For elastic behavior, an applied static force is half that of an applied dynamic force of infinitely
long duration.

It is typical for manufacturers to have several models in each range. The doors may vary
significantly in material, thickness, restraining hardware, frame profile and anchorage.



9.3.2 Performance Limitations of Commercial Industrial Doors

The average industrial personnel door is a hollow steel or composite door typically 1-3/4 in (44
mm) thick with 18-gauge steel facing. A composite door consists of a center sound-deadening
noncombustible core, usually of polyurethane foam or slab. Light-gauge vertical reinforcement
channels are used in hollow metal panels to add strength and rigidity.

These doors are often inappropriately considered as acceptable equipment for withstanding
blast overpressures in the 0.7 psi (5 kPa) to 1.0 psi (7 kPa) range. When the initial direction of the
blast wave tends to seat the door into the frame, these doors are susceptible to localized
deformations or component failure that could render the door moperable. If the magnitude of the
blast is significant enough, catastrophic failure of the entire door assembly could occur. Rebound
forces can also create concern. These doors are equipped with standard builder’s hardware. This
type of hardware has severe limitations for withstanding forces resulting from a blast. The forces
created by the blast often exceed the load ratings of the most commonly used latchsets and hinges.
Knowing this, one realizes that there is little, if any, factor of safety when an untested common door
is accepted as a suitable alternate to a certified blast resistant door.



9.3.3 Guidelines for Blast Resistant Door Design

Based on the desired end-use of the door, guidelines for acceptance have been classified into
three categories:

Category I - The door is to be operable after the loading event and pre-established design criteria
for stress, deflection, and the limitation of permanent deformation have not been exceeded. A
ductility ratio of 1.0 or less (elastic range) and a door edge rotation of 1.2 degrees should be
specified. This category should be specified when the door may be required to withstand repeated
blasts or when entrapment of personnel is of concern and the door is a primary exit to the building,

Category II - The door is to be operable after the loading event but significant permanent
deformation to the door is permitted. A ductility ratio in the range of 2 - 3 and a door edge rotation
0f2.0 degrees is recommended. The door must remain operable and this category should be
specified when entrapment of personnel is a concern.

Category III - Non-catastrophic failure is permitted. The door assembly remains in the opening. No
major structural failure occurs in the door panel structure, the restraining hardware system, the frame
or the frame anchorage that would prevent the door assembly from providing a barrier to blast wave
propagation. However, the door will be rendered noperable. A ductility ratio in the range of 5 to 10
and a door edge rotation of no greater than 8 degrees is recommended. This category should only be
specified when entrapment of personnel is not a possibility.

Category IV - Outward rebound force and resulting hardware failure is acceptable.



9.3.4 Coordinating Efforts with a Blast Resistant Door M anufacturer

Since blast door designs interfaces with other structural components of a facility, it is wise to
approach the preliminary design of the blast resistant door system early in the design stage of the
project. As a minimum, door manufacturers will need the following information to furnish pricing and
complete detail design of the doors:

1. Blast resistant door frames may be anchored into surrounding walls by several methods. They
may be cast in place in new concrete, bolted in with concrete expansion anchors, welding to
an existing steel embed or structure, or bolted to an existing structure. What method of
anchorage will be used?

2. What is the wall’s rough opening size and the door’s jamb opening size?

3. Furnish the same information relative to peak incident overpressure, peak reflected pressure,
and blast load duration that has been used for the structural components.

4. Does the direction of the blast force act to seat the door into the frame or unseat the door
from the frame?

5. Must the door’s material remain in the elastic or elasto-plastic range? Is permanent
deformation permitted?

6. What is the limit for the ductility ratio?

7. What is the total permissible deflection at the mid-span of the door panel or the end rotation
of the door panel?

8. Must the door be operable after the blast?

9. Furnish information about such architectural requirements as hardware functions, door closers,
door opening assists, paint and finish, fire labeling requirements, etc.

The Process Industries Practices (PIP) consortium has developed a common specification for
blast doors (PIP ARS08390) covering design, fabrication and installation. Data sheets for specifying
principal requirements for blast doors are included in PIP STC01018.

ASTM has published ASTM F2247, “Standard Test Method for Metal Doors Used in Blast
Resistant Applications (Equivalent Static Load Method)”. The document describes a method of
testing a door under static uniform pressure and provides guidance on the determination of an
appropriate equivalent static load for a given design blast load.



9.3.5 Testing and Structural Analysis M ethods

Most blast door manufacturers opt to perform static load tests on prototype assemblies of low-
range blast doors to demonstrate that the assembly will resist the blast overpressure specified. Static
tests should be accepted only if the dynamic structural response and dynamic load factors have been
considered and the door, frame, and restraining hardware are manufactured using the same materials,
dimensions, and tolerances as those in the prototype static test.

It is common practice among manufacturers to substantiate the structural integrity of mid- and
high-range blast resistant doors by design calculations. Calculations supporting the ability of the door
to meet performance criteria under the specified blast loading should be supplied to the specifier for
review before manufacturing of the door proceeds. The calculations must cover the mitial response of
the door, rebound, and all secondary items such as stresses in welds and fasteners, local ~ buckling
and web crippling in structural members, and the structural capacity of the hinges and latches, and
frame anchorage to the surrounding structure.



9.3.6 Fire Labels and Fire Label Construction

Many blast resistant door manufacturers can offer 3-hour "A" and 1-1/2-hour "B" fire labels on
low-range and mid-range doors that certify that the construction of the door has been fire tested by
an agency such as Underwriters Laboratories. Few manufacturers offer a fire label on high-range
doors. When a door design conflicts with a manufacturer’s fire label procedure, often the
manufacturer will offer a letter certifying that the doors are fabricated from fire resistant materials that
will not contribute to flame spread. Often this method is accepted by fire protection authorities on the
project, however the specifier should consult the authorities early in the design stages of the project
to verify acceptance.



9.3.7 Delivery Lead Times

Blast resistant doors are not "off the shelf" items. They are built to order and manufacturers
generally require 6 to 8 weeks after notification of approval of the shop drawings and design data to
schedule and fabricate low-range doors, 10-12 weeks for mid-range doors, and 12 weeks or more
for high-range doors.



9.4 WINDOWS

Historically, ordinary glass windows are not adequate for blast overpressures as low as 0.2 psi
(1.4 kPa). Many ijuries in explosion accidents result from glass fragments. Therefore, the use of
windows should be discouraged.

When windows are necessary, there are higher strength type glass and glazing materials such as
laminated glass, polycarbonate, and plastic interlayer that may be considered acceptable depending
on the design overpressures. These materials may be used either by themselves or as components in
a composite construction.

Wire glass is an annealed glass with an embedded layer of wire mesh used as a fire resistant
barrier. Annealed glass is of relatively low strength when compared to tempered glass and tends to
fracture into razor-sharp fragments. Although the wire helps bind fragments, wire glass should be
avoided unless required by NFPA considerations.

Chapter 5 ofthe ASCE Physical Security report addresses the various types of glazing
materials and structural components of window frames and should be referred to for a detailed
discussion of the topic.

Windows should be designed to withstand the same blast loads as the walls. The engineer
should define the structural design criteria and coordinate with the building’s architect to ensure the
manufacturer’s correct interpretation.

Significant development of blast resistant windows has increased the options available to
mitigate glass fragment hazards for new and retrofit designs. The Department of Defense (DOD) and
General Services Administration (GSA) have developed minimum standards for protection of
personnel which have resulted in development of products based on these requirements. Because the
GSA and DOD are concerned with high-explosive terrorist attack with usually short duration loads,
available products may not have been evaluated for longer duration loads anticipated in
petrochemical facilities. However, these products can provide substantial protection from glass
fragments from blast loads caused by vapor cloud explosion, BLEVES and vessel burst hazards. A
typical minimum blast load standard used by the GSA for which many vendors have developed
products is a short duration blast load of 4 psi (28 kPa) with an impulse of 28 psi-ms (193 kPa-ms).
A second common load specification for DOD facilities is a peak pressure of 6 psi (41 kPa) with an
mmpulse of 42 psi-ms (290 kPa-ms). Due to the longer duration of vapor cloud explosions, these
products may be applicable at lower peak pressures.

Products developed to mitigate glass fragment hazards include laminated glass with interlayer
thickness up to 0.090 inches (2.3 mm), blast shades, blast curtains, and safety film in daylight,
mechanically anchored, and wet glazed configurations. Generally, laminated glass is used for new
blast resistant window design or replacement window designs. Anchored safety film, daylight safety
film with catch bars, and laminated glass replacement are generally used for retrofit situations. The
specific blast capacity of these products is dependent on the load duration and the reader is urged to
investigate product claims closely because often these products have only been tested for short
duration loads representative of high explosive threats.

The GSA and DOD have developed performance criteria for windows to standardize
specification of blast requirements. These criteria categorize glass fragment debris hazards in terms of



throw distance. The reader is referred to Public Building Standard PBS P100 for GSA criteria and
Unified Facilities Criteria UFC 04-010-01 for DOD criteria. These agencies have also developed
specialized software for analysis and design of windows subjected to blast loads.

ASTM F1642 “Standard Test Method for Glazing and Glazing Systems Subject to Airblast
Loadings” is available for evaluating blast resistant windows to any prescribed blast load using open-
air testing or shock tube testing. ASTM F2248 “Standard Practice for Specifying and Equivalent 3-
Second Duration Design Loading for Blast Resistant Glazing with Laminated Glass™ is available to
provide a method of determining an equivalent static load for use in standard glass design charts
provided in ASTM E1300 “Practice for Determining Load Resistance of Glass in Buildings”. The
methodology described in ASTM F2248 is the methodology prescribed for design of blast resistant
windows in UFC 04-010-01.



9.5 UTILITY OPENINGS

Blast resistant buildings require the same openings for air intake, exhaust, power and control
cables, and service piping as conventional buildings. For blast resistant buildings, it may be necessary
to provide protection at the openings. Manufacturers of protective devices for these openings
normally provide the detailed design.

Electrical and pipe penetrations may be brought into the building underground. Based on
economy and design, this type of entry may be preferred.



9.5.1 Blast Dampers

HVAC blast dampers are devices with mechanical elements which close within milliseconds of
the blast wave arrival. Blast dampers are available which will remain closed or which will reopen
after pressures return to normal. Blast dampers are furnished in frames that require attachment to
properly designed structural elements.

Because of the need to close within milliseconds, open blast dampers create a significant
operating pressure loss. Therefore, the resulting blast damper opening is usually much larger than a
normal duct penetration. This must be considered in the building opening layout.



9.5.2 Blast Attenuators

HVAC blast attenuators are similar to blast dampers except they do not have any moving parts.
They are stationary devices used to reduce or lessen the blast wave effects by reducing the nterior
increase in pressure. They are intended for short blast durations. Manufacturers will provide the
necessary design information.



9.5.3 Cable and Conduit Penetrations

Large concentrations of unprotected cable or conduit penetrations can result in significant entry
of blast pressures. Through the use of proprietary devices, the annular space around cable or conduit
can be completely sealed. Alternatively, custom designed closure plates may also be used.



9.6 INTERIOR DESIGN CONSIDERATIONS

Consideration should be given to certain interior items. Functional or decorative objects should
not be mounted on the interior surface of an exterior wall. Rapid inward movement of the wall may
dislodge objects causing injury to people or damage equipment. For the same reason, file cabinets
and other furnishings should not be placed closer to the nterior surface of a wall than the maximum
predicted deflection of the wall.

Suspended ceiling components are particularly susceptible to being dislodged during a blast.
Ceiling lighting fixtures, diffusers, etc should be supported independently of the suspended ceiling.



9.7 EXTERIOR CONSIDERATIONS

The peak reflected blast loading is calculated assuming the air can move around the structure
and efficiently relieve the pressure. Buildings should be configured to prevent trapping of the blast
wave and therein increasing the load above those specified. Items such as re-entrant corners and set
back doors can experience loadings that are considerably higher than the peak reflected
overpressures and should be avoided.

The building design should not contribute to the likelihood of flying debris. Canopies and
vestibules should be avoided since they frequently become dislodged and could block critical means
of egress.



CHAPTER 10
EVALUATION AND UPGRADE OF EXISTING BUILDINGS

10.1 INTRODUCTION

This chapter discusses structural evaluation strategies and upgrade options for buildings at
petrochemical plants subjected to potential blast hazards. A number of actions can necessitate an
evaluation, including a change in building occupancy or building function, addition of building floor
space, change in process explosion hazard, change in corporate policy, or completion of a Process
Hazards Analysis which indicates a problem may exist.

This chapter assumes that a decision has been made to evaluate and possibly upgrade a
building that may not have adequate blast resistance. This decision depends on safety and economic
considerations. Assistance in making this decision is provided in APl RP 752 and CCPS Building
Guidelines.

If buildings do not have adequate blast resistance, their blast capacity can be increased with
proven structural retrofits or upgrades that have been validated by open air and shock tube testing
and analysis. Blast resistant upgrades for existing structures are discussed in numerous public domain
documents. In many cases upgrades to increase seismic capacity are also applicable for blast design,
or can be adapted to increase the blast resistance of a structural component. These retrofits are
discussed in a number of documents including FEMA 356, ASCE 41, and SAC. However, there are
also significant differences between seismic and blast design, so seismic upgrades should only be
used as a basis for blast resistant upgrades by engneers with blast design experience.

Blast retrofits of existing buildings can range from minimal upgrades, such as window
modifications, to very significant, such as providing a robust concrete shell, or “cocoon” around the
existing building. It is important to remember that costs involve not only construction but also
potential downtime due to the interruption of operations which may be necessary to implement the
upgrades. These costs can increase significantly if the upgrades are installed during building
operations and involve internal building strengthening as opposed to external building strengthening.



10.2 EVALUATION STRATEGIES

Typically, a blast protection study for existing buildings involves the following steps (refer to
Figure 10.1):

1. Hazard Identification and Quantification - Determine the location and size of potential
explosions, and establish the free-field overpressure at each building location.

2. Building Screening — To make the evaluation process efficient and focus the engineering
efforts, buildings should be screened into the following categories:

a. Buildings Not Requiring Structural Upgrade

This category represents buildings subjected to a blast overpressure
below a limiting threshold requiring structural upgrades. Individual
companies may set this threshold based on company building
construction standards, blast overpressure, analysis or data, injury
tolerance, and performance requirements. If there is not better available
guidance, the threshold may be based on information in Section 2.5 that
indicates buildings of ordinary construction may be sited in areas
subjected to a free field pressure of 1.0 psi (6.9 kPa). This threshold is
not intended to apply to portable buildings or buildings with unreinforced
masonry walls, which may fail at overpressures of 1.0 psi (6.9 kPa) or
less.
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1. Individual companies may set lower limits for pressure thresholds.  As indicated
in Section 2.5, huildings designed for comentional loads can be zited in areas with
peak side-on pressures less than 1.0 pei (6.9 kPa). This threshold is not intended to
apply to temporary buildings or buildings with unreinforced masonry walls, which
may fail at a free-field blast pressure of | psi (6.9 kPa)or ks,

2. At pressures greater than 6.5 pei (45 kPa), it may no longer be feasible or
economical to upgrade a conventional building, In this situstion, a reasonahle
approach would be to consider a blast resistant shell arcund the existing structure.

FIGURE 10.1: Methodology Flowchart for Existing Building



Evaluations
b. Buildings Requiring Structural Upgrade

Buildings in this category require further analysis to define the required
structural upgrades to meet the specified applied blast overpressure.

¢. Buildings Requiring Replacement or a Structural Shell

At overpressures in excess of 6.5 psi (45 kPa), it may not be reasonable
to attempt an upgrade of conventional construction. In this situation, a
new blast resistant exterior structure that envelopes the existing building
or a new robust building replacement may be the most feasible mitigation
plan.

3. Damage Evaluation — For those buildings requiring further evaluation, a complete
engineering evaluation should be conducted to determine the extent and consequence of the
damage to each component. In certain cases, several components may exceed their
deformation limits but in fact be of acceptable consequence to the building or occupants.

4. Damage Reduction — Upgrades to the building should reduce the expected damage to
tolerable levels. Possible upgrades are discussed in the following sections of this chapter. At a
minimum, even for those buildings not requiring structural modifications, steps should be taken
to mitigate the consequences of glass breakage, mterior masonry wall failure, roof collapse,
and other debris hazards.



10.3 BLAST RESISTANT UPGRADE OPTIONS

A number of options are available to upgrade the blast capacity of an existing building, The
choice of an upgrade option is generally based on the applied blast loads, characteristics of the
existing structural component makeup, cost considerations, implementation approach around current
operations, and building functionality requirements. The design of blast resistant retrofits to existing
buildings can be subject to many limiting factors not typically applicable for the design of new blast
resistant buildings. The engineer must consider the capacity of existing framing components to resist
increased reaction loads from retrofitted wall and roof components, limitations on the achievable
connection strengths between retrofitted and existing components, limits on available space for
retrofits and accessibility for construction equipment, aesthetic considerations, and potential loss of
building operational capability during and after construction. Retrofits may also increase the dead
load on the building foundation and may need to resist loads transferred from attached components,

such as retrofitted windows and doors.

TABLE 10.1: Summary of Blast Resistant Retrofit Concepts for Building Compone nts

Wall or Retrofit Additional
Retrofit Concept Roof 1 Blast
Retrofit Type Capacity2
Wall or
. . Wall or
Strengthen connections of light metal components Roof Roof Low
strengthening
.. ) Wall or
Weld or attach steel plate to existing steel and reinforced | Wall or
) Roof Low
concrete framing members Roof )
strengthening
Add additional beams between existing beams to reduce Wall or
) i ) Wall or
cladding span and/or increase overall capacity from Roof Roof Low
beams strengthening
Attach high strength material to wall surface (i.e. Wall .
Kevlar®, e-glass, or carbon fiber) Wal strengthening Medium
Attach new steel posts or heavy corrugated steel panel Wall .
Wall . High
to masonry or concrete wall strengthening
Increase concrete wall thickness with new reinforced Wall Wall Medium to
concrete section attached to wall with dowels strengthening High

Place reinforced concrete panels outside building




attached to foundation and building lateral load resisting Wall Shield High
system System
Place steel beam apd heavy corrugated steel panel Roof Shield High
system above existing roof System
) . i a1 Wall and Shield .
Build a blast-resistant shell around the existing building Roof System High
. - Catch .
Place steel beam and grating below existing roof Roof Medium
System
. - Catch .
Place strengthened metal stud wall inside existing wall Wall Medum
System
Place geotextl‘le yve]l attached to building framing or floor Wall Catch Medium
systems over inside surface of wall System

Note 1: Catch systems not applicable for buildings with load bearing walls.
Note 2: Increase factors for blast capacity of conventional building component: Low (100%-
150%), Medium (150% to 300%), High (greater than 300%)

There are three basic approaches for blast resistant upgrades to existing building components:
1) strengthening existing components and/or connections, 2) allowing existing components to fail into
a catch system that protects building occupants from debris, and 3) shielding existing component
from blast load with a new exterior blast resistant component. ~ Table 10.1 summarizes alternative
concepts for these approaches, which are discussed in the following sections within the context of
upgrades to different building systems and component types. This table is not meant to be a complete
list of all available upgrade options. Any upgrade can be used that produces a structural system that
meets an objective for limiting building blast damage and/or protecting building occupants against
mjury from applied blast loads. Approximate information is provided in Table 10.1 for the additional
blast capacity that can be provided by typical applications of the concept. The actual increase in
blast capacity can vary significantly depending on the size, material strength, and other properties of
the upgrades. UFC 4-023-02, which is currently at a final draft stage, provides detailed information
on twelve retrofits including some ofthose in  Table 10.1 and will be available as a public domain
document from the U.S. Department of Defense in the near future.

Non-structural upgrades to reduce debris hazards should also be considered in addition to
structural blast resistant upgrades. These upgrades include modifying or eliminating architectural
sections of the building having heavy material that could fall, providing positive attachment for all
overhead equipment, lights, and false ceiling to roof structural members, attaching book shelves to
walls, elimmating exterior enclosures around doors that could fail and block doors, and replacing
mterior unreinforced concrete block partitions with lightweight gypsum board metal stud walls or
reinforced concrete block that are well attached to the floor and roof systems. In general, all non-
structural upgrades recommended for buildings subject to earthquake loads are also applicable for



blast resistant design. Even though these methods do not increase the blast resistance of the building
directly, they are effective in reducing the potential injury to the personnel inside the building,



10.4 UPGRADES FOR STRUCTURAL MEMBER CONNECTIONS

Strengthening of structural connections can be the most cost effective upgrade for existing
buildings if it does not require removal of existing interior walls and equipment and if this upgrade is
sufficient to resist the blast loads. This can be the case for members that have sufficient flexural
capacity to resist the applied blast load, but their load capacity is limited by their connection
capacity. For a member to absorb blast energy and be structurally efficient, it must develop its full
plastic flexural capacity before reaching its shear and connection capacities. This can require a
substantial increase in capacity of connectors or surrounding material that is in tension, compression,
bearing, or local shear.

A typical shear connection for a wall girt consists of a shear tab with two bolts. As a blast load
is applied to the girt, connection failure may occur due to bolt failure, failure of the girt web around
the bolts due to bearing failure or block tearout, or failure of the shear tab due to insufficient weld
capacity. Any connection failure will not allow a component to develop its plastic moment capacity
and therefore will prevent member to reach its maximum blast resistance. An upgrade for this type of
connection can consist of additional web material welded or bolted to the girt or additional weld on
the shear tab connection to the column. Also, lower strength  ASTM A325 and ASTM A307 bolts
can be replaced with high strength  ASTM A490 bolts. Bolt holes can also be enlarged for larger
diameter bolts.

Steel framing components often have moment resisting connections that are designed to resist
elastic stresses based on their calculated conventional load demands rather than the maximum
tension, compression, and/or shear loads delivered by the connected members when these members
develop their ultimate moment capacity under blast loads. Also, standard moment resisting frame
connections are based on the elastic distribution of stress rather than a plastic distribution through the
section. Connections for blast resistant steel frammg components need to transfer the full dynamic
yield strength of the beam flanges into the columns and horizontal column stiffeners are often required
to transfer the tension and compression forces from the beam flanges through the column. Stiffeners
or doubler plates may also be required to resist high shear demand in the webs of perimeter columns
of moment resisting frames, or to prevent shear buckling of beams and columns with non-compact
sections.

In addition, connections for blast loaded members need to have sufficient rotation capacity to
deform under the applied blast load without failing. This is particularly a problem for moment resisting
steel connections. A connection may have sufficient strength to resist the applied load; however,
when significant deformation of the member occurs this capacity may be reduced due to buckling of
stiffeners or flanges. Figure 10.2 is an example of a steel frame connection designed for large rotation
capacity. FEMA 356 and ASCE 41 describe a number of upgrades to increase the strength and
ductility of steel moment resisting frames subject to earthquake forces that are also generally
applicable for blast resistant design.



FIGURE 10.2: Large Rotation Connection Detail (based on UFC 3-340-02)

Connection and reinforcing steel splice details in blast resistant structures can also be designed
to provide an alternative response mode if they allow tension membrane or catenary action to
develop at large deflections. These response modes can increase the blast capacity of components
that mitially respond in flexure to blast loads. Also, steel and steel reinforced concrete and masonry
components that respond in a brittle response mode, such as lateral torsional buckling, local buckling
of noncompact steel section, or shear failure can continue to resist load in some cases if they are
adequately attached to supporting components to develop tension membrane response and have
continuous steel reinforcement along their span and all splices are full tension splices. Use of tension
membrane response as an alternative response mode is discussed in UFC 4-023-02.

Load reversal is typically not considered in the design of connections for conventional loads. As
discussed in Chapter 7, rebound forces produced in a member’s response can be quite high. These
forces are a function of the mass and stiffhess of member as well as the ratio of blast load to peak
resistance. Connections which provide adequate support during a member’s positive phase, or
mward response to blast load, must also be analyzed for the rebound load. If the member fails during
rebound due to inadequate connections, it may fall into the building if it is an overhead member or it
may cause progressive collapse if it is a load-bearing member.

Design of connections for reaction forces during rebound can be a particular concern with many
connections used for roof components and precast concrete wall components. Headed studs are
normally used to secure a roof slab to a structural steel framing system for rebound loads n new
construction. These studs are usually not found in existing structures unless the roof girders were
originally designed to be composite with the concrete deck. It may be necessary to provide through
bolts to the structural frame with a backing plate on the top side of the slab if the composite metal
deck is found not to be adequately attached to the roof framing elements. The addition of knee-
bracing with bridging is sometimes required on the bottom flange of roof' beams to reduce the
unbraced compression flange length in rebound.



Precast concrete components that receive support from direct bearing during the positive phase
response to blast load, such as the top of a wall slab that bears against a concrete roof deck,
typically depend on the connection shear or tensile strength to resist rebound reaction forces that are
much higher than those from conventional suction pressure loads. Typical wall panel connections with
welded plates or bolts can often be used for blast resistant design if the size and/or number of
connections are increased.

It is often desirable to utilize the in-plane capacity of precast panels to function as shear walls
that resist lateral loads. The connections typically provided between adjacent precast members are
often inadequate to develop the required in-plane capacity to resist the high lateral loads transmitted
into the building by blast resistant wall components. In some cases, rectangular steel plates or steel
ledger angles can be bolted to precast wall and roof deck panels to increase the in-plane shear
connection capacity.



10.5 UPGRADES FOR STRUCTURAL FRAMING MEMBERS

Framing members can be upgraded by increasing their cross section. This can take on many
forms including welding cover plates onto steel members, bolting steel plates to the tension side of
concrete beams, and welding or bolting steel angles, rods, rebar, or channels to the webs of steel
beams near the flanges. Also, “knee struts” or haunch members can be added at corners where
beams and columns frame together to reduce the effective frame member spans and add moment
capacity to a simply supported connection. The compression capacity of steel [-beam columns
members can be increased by welding plates onto the column flanges to create a box section. The
capacity of concrete columns can be increased by jacketing the column with steel plates or additional
reinforced concrete.

A particular problem can be pre-engineered frames with bolted moment connections that do
not have sufficient moment capacity. A patented steel beam-to-column connection system that
mmproves seismic resistance can be used to increase the flexural capacity and ductility of a steel
moment connection (SidePlate Systems). It consists of vertical steel plates placed along both sides of
the bolted connection that are welded to wide cover plates attached to both flanges of the connected
beams.

In some cases, steel framing members can be upgraded by adding lateral bracing. Many roof
beams, roof purlins, and wall girts in existing petrochemical structures are not capable of developing
their full plastic moment capacity due to inadequate lateral support of the compression flange for both
mbound and rebound responses. These elements may have only adequate bracing of their
compression flanges for conventional gravity loads and very limited bracing for wind loads in the
direction for blast rebound loads.

New lateral bracing can be lightweight structural steel shapes welded or bolted to the
compression flanges of existing load carrying members. Material costs are very low. However,
construction costs and plant operation interference generally prove to be deciding factors in whether
or not a bracing upgrade can be feasible. In control rooms and laboratory facilities, the roof beams
and purlins are typically below the primary roof and above an interior or dropped ceiling. The
construction effort would have to be directed from inside the building, and may interfere with building
operations.

Taking advantage of existing structural members, lateral bracing may include tying the flanges of
the steel members to the elements that they support such as prestressed concrete decks, concrete
decks on metal forms, and metal or fiber-reinforced plastic panels. Note that this bracing generally
only increases moment capacity for downward blast loads. If analysis shows that upward rebound
occurs, the bottom flanges may also need new bracing. Refer to  Figure 10.3 for a typical bracing
configuration. Bracing rods can also be used to tie the bottom flange to the roof beams ( Figure
10.4).

For plate girders, the addition of transverse intermediate stiffeners at various spacings along the
span length will increase the web buckling strength, thereby increasing the web resistance to shear
and moment. For deep web plates, longitudinal web stiffeners will also increase section capacity.

Upgrading lateral bracing is only effective if the full moment capacity of the component is
sufficient to resist the applied blast loads. Existing components that are not well braced can be
analyzed mitially using a reduced flexural strength consistent with the maximum compressive strength



that can be developed by existing lateral bracing and tension membrane resistance, depending on the
existing connection strength, and including any effects from dead load. This analysis may show that
the component is adequate to resist applied blast loads without failing, particularly for rebound
response. The use of stiffeners to resist lateral torsional buckling should be considered for steel
beams and girders with inadequate lateral bracing,
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FIGURE 10.3: Typical Bracing Details
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FIGURE 10.4: Typical Bottom Flange Bracing



10.6 UPGRADES FOR METAL PANEL WALLAND ROOFSYSTEMS

Metal panel wall and roof systems consisting of corrugated metal panels and cold-formed wall
girts and roof purlins are commonly used as exterior cladding. Metal panels are constructed of thin-
gauge material that buckles in the compression flange at maximum moment regions before the panel
cross section develops its ultimate plastic moment capacity. Resistance provided after buckling
occurs in the maximum region is due to tension membrane response, which is characterized by
stretching of the panel rather than flexure. This is described in Section 5.4.4. To achieve this type of
response it is necessary to restrain the ends of the panel to provide the required in-plane reaction. A
typical conventional design utilizes small self-drilling/tapping screws attached to base angles and wall
girts to secure the panels in place. These screws are typically sufficient to develop enough membrane
capacity to maintain the flexural resistance up to the maximum allowable deflection for low or
medium damage. At larger deflections, the connections tend to fail due to tearout through the panel
ends as well as pull-out over the head of the screws. Use of a flexible support will also limit the
magnitude of load occurring at the ends of the member. This can be accomplished by developing a
support which deforms in flexure and limits the end reaction. This type of connection is shown in

Figure 10.5.

Reducing the span increases the capacity of metal panels in flexure. Since resistance is a
function of the square of the span length, addition of intermittent supporting members can be very
effective in increasing in blast capacity of panels. This can be accomplished by adding wall girts or
roof purlins to the structure. This upgrade also increases the blast resistance of the supporting
members since their tributary supported width is reduced. Cost for this upgrade can be quite high if
the interior of the structural system is not easily accessible or if construction requires interruption of
operations.

FIGURE 10.5: Base Angle Detail for Flexible Connection

When strengthening of existing panels is not feasible, panels can be replaced with heavier gauge
metal panels, two nested conventional panels, or specially designed blast resistant panels. There are
also commercially available blast resistant panels that have been developed for protection against
terrorist attacks. Girts and purlins can also be upgraded by replacing with a heavier member. These
components can also be overlapped and connected so they act as a continuous component across
mterior supports. Typically, the girt or purlin connection must also be upgraded in these cases. Metal
wall systems can also be upgraded with a blast resistant shield wall, as discussed in Section 10.8.

In some cases, large metal buildings with very low occupancy can be designed to resist blast
loads using controlled release panels ( Oswald 2002 ). Controlled release panels are conventional



corrugated steel panels that are only continuous over one supporting member with limited strength
connections to supporting members at the panel edges and a strong connection to the intermediate
supporting member, so they fail by wrapping around the intermediate supporting member. These
supporting members and the building framing can be designed for a lower blast load if controlled
release panels are used because the failing panel transfers less blast load into the supporting members
based on shock tube testing results. Attention must be devoted to securing interior building
components and objects that can become hazardous debris due to interior blast loads. This upgrade
with controlled release panels should only be considered when the free-field pressures will not
directly cause serious injury to building occupants Baker.

Vent panels designed accordingto NFPA 68 can be used to reduce blast loads from interior
explosions of flammable materials. These panels can have restraint system (i.e. steel cable tethers)
attached to the building framing so they do not become missile hazards.



10.7 UPGRADES FOR CONCRETE MASONRY UNIT (CMU) & CONCRETE WALLS

Many petrochemical structures include CMU walls with little or no steel reinforcement. This
type of construction lacks ductility and has low resistance to blast loads. There are many ways to
retrofit masonry walls to increase their blast resistance, including many that have been developed to
resist blast loads from typical high explosive threats from terrorists. However, only a limited number
of'these retrofits have typically been considered practical for buildings subject to industrial explosion

blast loads, which typically have much longer blast load durations than high explosives.
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FIGURE 10.6: Masonry Wall Retrofit with Vertical Steel Posts

The most commonly used blast resistant retrofits for buildings subject to industrial explosions
include attachment of vertical steel beams to the walls, placement of a exterior blast resistant wall
outside the masonry wall, and bonding high strength fiber reinforced material to the wall surfaces. In
all retrofits, the upgraded masonry walls perpendicular to the blast loads can also serve as shear
walls. They should be analyzed for in-plane shear and bending according to the procedure outlined in
Chapter 7. Connections between shear walls and diaphragms and the foundation must also be
evaluated.



FIGURE 10.7: Exterior Tube Section Posts Bolted to Masonry Wall



10.7.1 Upgrade with Steel Posts

Figure 10.6 shows a cross section through a masonry wall retrofitted with vertical steel posts,
which are not assumed to act compositely with the wall. This upgrade requires a minimum of
available wall space compared to most other retrofits. The posts, which span between the floor and
roof diaphragms, are usually placed at 4 to 7 ft (1.2 to 2.1 m) spacing depending on the capacity of
the masonry wall to span between posts. They can be placed on the inside or outside of the wall.
Typically posts are placed on the building exterior to avoid interior operational disruption and fixtures
attached to the wall. In this case, the connections between the posts and the wall are more critical
and the compression flange ofthe post is laterally unsupported during inward response to blast load.
These posts can be notched at low moment regions or doglegged around existing conduit that
typically run horizontally along the wall exterior. Galvanized steel may be considered for externally
mounted posts.

Vertical post retrofits can be designed for very high blast capacities depending on the post size
and spacing, although the lateral load resisting system of the building must resist the peak lateral load
transferred by the upgraded walls. They also can resist blast loading effects during both nward and
rebound response, as required for load bearing walls. The posts can also be positioned to support
reaction forces from blast resistant windows and doors. Interior posts can be covered with light
architectural panels for aesthetic reasons, but these panels must be well attached to any mnterior posts
so that they are not thrown into the room by the sudden acceleration of the posts under blast loads.
Exterior panels can also be covered by architectural cladding designed for conventional loads.

FIGURE 10.8: Heavy Steel Panel on Blast Side of Retrofitted Wall

The maximum size of posts is often limited by the available strength of the connections of the
post to the wall or the connections between the ends of the posts and the foundation and floor or
roof diaphragm of the building. Through-bolts with plate washers can be used to attach posts to
ungrouted CMU walls. Drilled anchor bolts that are recommended for dynamic loading can be
mstalled nto grouted CMU blocks and solid masonry walls. Placement of grout into ungrouted
CMU walls requires attention to details; usually the face shells must be removed and the cells must
be cleaned of any mortar to ensure placement of solid grout that acts together with the CMU block
to resist pullout of anchor bolts connecting the posts to the wall. The summed tensile capacity of the
anchor bolts should be greater than the ultimate load resistance of the post and there should be at



least four to five bolts along the span of the connected post. The anchor bolt dynamic design
capacity can be taken as 1.7 times the static allowable capacity recommended by the manufacturer,
as recommended for connections in  UFC 3-340-02. The attachments are also critical for interior
posts on a load-bearing wall, since the posts must also support the wall during rebound response to
blast load. The posts are usually designed for light to moderate damage because there is some
concern regarding the ability of the drilled anchors on external posts to remain well attached to the
wall at large post deflections.

FIGURE 10.9: Through-Bolts on Inside Surface of Retrofitted Wall

Horizontal beams can be used rather than vertical posts, but the vertical posts typically transfer
their reactions directly into floor and roof diaphragms, which are part of the lateral load resisting
system of the building. Horizontal beams typically transfer their lateral reaction loads into columns,
which must also resist axial loads. Figure 10.7 shows exterior steel posts bolted to grouted cells of
an unreinforced CMU wall. Figure 10.8 shows a heavy corrugated steel panel, which functions in a
similar manner as closely spaced vertical posts, spanning vertically on the exterior side (i.e. blast
loaded side) of an unreinforced, ungrouted CMU wall. Since the wall is ungrouted, through-bolts
were used to connect the corrugated steel panel to the wall. Figure 10.9 shows the through-bolts and
plate washers on the inside face ofthe wall. The vertical strap along the wall in Figure 10.9 is
unrelated to the wall upgrade.



10.7.2 Upgrades with High Strength Fiber Bonded to Wall

High strength fiber strips or mats, including carbon fiber, Kevlar® ( Figure 10.10), and E-glass
(Figure 10.11) fibers, can be applied to the inside (i.e. non-blast loaded side) or to both sides of
masonry walls to significantly increase the wall blast capacity. Parallel, very closely-spaced high-
strength fibers are encased by the manufacturer in thin resin mats or strips that are bonded to the wall
with the fibers oriented in the span direction. The fibers act compositely with the masonry similarly to
steel reinforcement, where the tensile strength of the fibers and compression strength of the masonry
form a resisting couple at the maximum moment regions. The proper application of the bonding agent
and the high strength fiber mats or strips to the wall is critical and must be performed by a trained
applicator.

The ultimate tension strength of the fibers per unit width is provided by the manufacturer, but
typically only a fraction of the strength can be counted on for design due to debonding and/or
environmental degradation factors. Also, the high strength fibers can not be counted on to
significantly increase the compression or shear strength of the masonry. Therefore, the maximum
blast resistance of a retrofit with high strength fibers is usually limited by crushing of the masonry
block in the maximum moment region or shear failure of the masonry near the supports, which are
both brittle failure mechanisms. Fiber tension failure, which is often mitiated by debonding, is also
brittle and thus this upgrade is always limited by a non-ductile response. Therefore, this type of
retrofit is usually designed to resist blast load without yielding with a safety factor based on available
blast test data, manufacturer’s recommendations, and/or previous design experience.

FIGURE 10.10: Kevlar® Wrap Retrofit to CM U Panel

An advantage for this retrofit is that it significantly reduces the potential deflection of masonry
walls, which may be important for load bearing wall systems. Another advantage is that in most cases
this retrofit approach does not significantly affect the aesthetics of the building, since it just changes
the building surface. However, fiber attachment to the wall interior can present construction
challenges and limit building operations during construction. Use of strips rather than a continuous
mat can allow placement of retrofit around equipment attached to the wall as shown in Figure 10.12.
Additional high strength fibers can be placed around window and door openings to resist loads
transferred by blast resistant window and door replacements. CMU walls strengthened with high
strength fibers may need to be grouted so that the overall wall blast capacity is not controlled by the
relatively low shear strength of ungrouted masonry. Ungrouted walls can be grouted by removing
face shells at various locations, cleaning out any mortar from the cells, and pumping grout into the
voids of the CMU blocks. Load bearing walls should be upgraded by attaching high strength fibers



to both sides of the wall to prevent wall failure during rebound.

FIGURE 10.11: E-glass Retrofit to CMU and Brick Masonry Walls

FIGURE 10.12: FRP Strips on Walls and Around Existing Interferences



10.7.3 Increasing Wall Thickness with New Layer of Reinforced Concrete

Reinforced concrete panels can be upgraded by increasing the wall thickness on the exterior
side with a layer of reinforced concrete that is well connected to the existing wall to create composite
action between the new and existing wall sections. This upgrade can be installed by doweling into the
existing concrete panel exterior and hanging a reinforcement grid parallel to the wall. A nozzle-
applied shotcrete or cast-in-place concrete can then be placed to increase the overall wall thickness
and flexural capacity. If shotcrete is used, the concrete surface must be prepared and existing conduit
and piping should be shielded against overspray of the concrete. It is not recommended that existing
conduit along the panel exterior be cast within the new wall thickness. This process is viable if the
required thickness increase is only several inches and the additional wall weight does not require
modification of the existing foundation. This upgrade also allows for casting concrete around existing
wall penetrations.



10.8 UPGRADE WITH BLAST RESISTANT SHIELD WALL

Almost any wall system can be retrofitted by placing a blast resistant shield wall outside the
existing wall. The shield wall can consist of a blast resistant precast concrete panel as shown in
Figure 10.13. It can also consist of a blast resistant cast-in-place panel, or a blast resistant girt/steel
cladding system as shownin  Figure 10.14 . Some vendors have developed prefabricated blast
resistant wall systems that may be appropriate for a given upgrade depending on available test data
validating the system for the given applied blast load. A third-party review of a vendor’s design by an
engineer familiar with blast testing and design is generally recommended.

A gap that is greater than the predicted shield wall deflection should be mamtained between the
shield wall and the existing building wall. This will prevent the shield wall from deflecting into the
existing wall, and possibly failing it, as it responds to the blast load. The engineer should also verify
that the sudden deflection of'the shield wall does not decrease the void volume between the shield
wall and existing wall such that there is an increased air pressure that can fail the existing wall. Small
vent openings in the existing wall combined with adequate shield wall standoff from the existing wall,
on the order of several feet, can be configured to prevent this potential problem. These vent openings
can be covered with low-strength, lightweight material if necessary.
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The blast resistant shield wall panels can be supported at the base by an extension of the
existing building foundation, or by a separate foundation, and at the top by the lateral load resisting
system of the building. This retrofit can be designed to resist very large blast loads, depending on the
strength of the lateral load resisting system of the building. It has the advantage of not requiring any
construction work inside the building, but the building exterior must be accessible. The shield wall
panels can be precast or prefabricated in a remote yard or on-site. Blast resistant doors and
windows can be designed into the shield wall panels to line up with doors and windows in the
existing wall. Any windows covered up by blast resistant shield walls should be removed to ensure
that any pressure buildup between the shield walls and windows as the shield wall deflects does not
fail the windows and throw glass into the building.

If a building without moment resisting frames has a shield wall, either the existing wall or the
shield wall can be used as the shear wall. If the shield wall is used as a shear wall, the connections of
the shield wall to the roofand floor diaphragms and foundation must be designed accordingly.
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10.9 UPGRADES FOR ROOF SYSTEMS

Roofs are often particularly difficult to upgrade and usually represent a significant portion of a
building upgrade cost. There are limited upgrade options that can be applied outside the building, and
mnterior upgrades often require removing the drop ceiling, HVAC ducting, and other wiring systems,
which results in significant disruption to building operations. If an interior upgrade is an option,
applicable wall upgrade options described previously can be applied to the roof system. In the case
where an external upgrade is required, the most practical option is often placement of new blast
resistant shield roof system over the existing roof. Barring roof mounted HVAC equipment, the
shield roof upgrade is non-intrusive to the building so it does not require any penetrations into the
existing roof, removal of the interior false ceiling and ducting, transport of construction materials into
the building, or overhead welding work. If air handling units are mounted on the existing roof;
temporary conditioned air must be supplied to the building until the new roof and HVAC system are
mstalled. The air intake stack may also need to be addressed for new roof shields over existing
control rooms.

Figure 10.15 shows an exterior roof retrofit, where a new blast resistant roof system is placed
over the existing roof, which remains in place as an environmental barrier and structural diaphragm.
The new roof system resists the blast load, shielding the existing roof from blast load. The spacer
beams in the figure are sized to prevent beam and panel deformation into the existing roof. The
spacer beams also act with the existing girders to transfer reaction loads from the shield roof into the
columns. The columns may need to be upgraded for these increased reaction loads. The effect of the

additional dead load from the new roof on the foundation will also need to be considered.
w[éﬂiﬂllﬁ?ﬂﬂ STHL wWidiao PR (1) & 0" O

FIGURE 10.15: Shield Roof Over Part of Existing Building

As with the shield walls, the engineer should verify that sudden deflection of the shield roof
retrofit will not create a significant dynamic pressure buildup within the void between the shield roof
and existing roof. This is usually not a problem if the shield roof system is significantly stiffer than the
existing roof system because the existing roof'is flexible enough to deflect an amount equal to the
relatively small deflections of the overlying shield roof system and alleviate a pressure buildup. In
some cases, both the beams and girders in the shield roof can be placed directly over existing
framing members, so that both the new and existing framing members deflect together and resist the
blast load together as a superimposed structural system.



10.10 WALL AND ROOF CATCH SYSTEM UPGRADES

Various “catch wall” and “catch roof” systems can be placed inside the building that stop debris
from failed wall and roof systems before njuring building occupants. These systems are typically
used in small, heavily occupied areas, where the building framing can resist the blast load, but the
overhead roof or adjacent wall panels cannot be upgraded to resist the applied blast load. Catch
wall retrofit concepts include building an internal steel frame with heavy steel grating around the
occupied area, placing an interior blast resistant wall system in front of occupied areas that is well
attached to blast resistant framing, and installing a geotextile fabric behind a wall that is well attached
to blast resistant framing or components. This latter reference is illustrated in Figure 10.16 and
discussed in UFC 4-023-02, which is currently still in draft phase. The geotextile fabric is designed
to resist the applied blast load in membrane action with the mass of the wall and the strain is limited
to less than the material failure strain with a factor of safety. Fabrics with failure strains in the range of
7% to 12% are recommended. The capacity of the anchors should exceed the tensile capacity of the
geotextile. Elastomeric based spray and continuous E-glass sheets can also be applied on the wall’s

mterior and anchored to the floor and roof'to serve as catch systems, as described in  UFC 4-023-
02.
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FIGURE 10.16: Geotextile Retrofit Behind Masonry Non-Load Bearing Wall

Additionally, Figure 10.17 shows a retrofit that consists of an interior steel roof catch system.
The retrofit consists of new tube steel beams that support heavy steel grating, which hangs by steel
cables from the tube steel beams at an elevation just above the false ceiling. The grating was
designed to support the roof panel and joists, assuming they failed under blast load. The building
framing could be strengthened to resist the blast load, but the existing joists and metal panel roof
system could not be strengthened by the required amount to resist the design blast load.



10.11 BLAST RESISTANT SHELL UPGRADES

When options for reinforcing an existing structure are not feasible, an independent shell, or
“cocoon” structure can be built around the existing building with reinforced concrete or a steel frame
and blast resistant panels. The reinforced concrete option can be either cast-in-place or precast wall
and roof panels. Obviously, this is usually the most expensive retrofit option. In some cases, large
amounts of buried cables around the building may preclude placement of a new foundation system
outside the building. However, factors that make shells an attractive option include:

¢ Interruption of interior ongoing operations is minimized because the bulk of the work is done
outside of the building.

® A shell can meet almost any specific blast resistance criteria. This is not true for other upgrade
options where certain upper limits will apply.
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FIGURE 10.17: Elevation Section of Interior Roof Retrofit with TS Steel
Beams and Steel Grating

¢ (Constructability of connections can be less of a problem for shell building upgrades. The
logistics of adequately connecting new upgrade components to the existing building can be
quite difficult. Access to the critical joints in buildings that require reinforcement to upgrade the
building blast capacity can sometimes be virtually impossible.

Suggestions on some of the shell upgrade options are shownin  Figure 10.18 . A number of
issues, however need to be addressed. The following considerations are not all-inclusive:

¢ Foundations: A gap should be maintained between the new and the existing wall to prevent the
existing wall or blocks from being knocked mnto the building when the outside panel deflects
under blast loading. The width of this gap affects the location of the footing for the outer shell.
Ideally the shell will rest on its own new footing. But a thick wall required by high blast load
may require a large footing which could encroach on the existing foundation. In this case,
techniques will include staggering the horizontal level of the footings, or perhaps using piers or
piles adjacent to the existing footing,
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FIGURE 10.18: Blast Resistant Shell Around Existing Building

Structural: The depth of structural steel columns should fit in the gap between the new and the
existing building walls.

Ancillaries: Pipe racks and cable trays that are in place adjacent to the existing building will
require attention. Penetrations in the new wall are necessary for power cables and instrument
lines. These openings should not adversely affect the pressure rating of the building.

The engineer should also check that the sudden deflection of the all the shell building walls or
roof does not decrease the void volume between the shell building and existing building, and
thus increase the air pressure, to the extent that any existing wall or roof components fail.
Small vent openings, covered with low strength, lightweight material if necessary, can be
designed into the existing wall to prevent this potential problem.

Existing HVAC and air intake stack issues discussed previously must also be addressed with
this upgrade approach.



10.12 WINDOW UPGRADES

Windows can be a significant hazard to the occupants of existing buildings. Choosing the most
appropriate option to upgrade windows requires knowledge of the relationship between glass
strength, blast loads, and the interior hazard from failed windows. Window failure from blast loads is
sometimes acceptable with certain industry clients if the glass is not thrown into the building with
sufficient velocity to injury building occupants. There is limited blast test data available from glazing
manufacturers on specific window products that provide protection against glazing hazards. This data
includes validation of specific applied blast loads on a specific window size, glazing layup, frame,
bite, and frame anchorage.

In general, upgrading of windows may include the following options.

¢ Elimination of windows. A common requirement is that no window is allowed within 200 feet
(61 m) from a potential blast source. A large number of petrochemical control rooms now use
closed circuit TV monitors to watch the process units.

e Replacement of the windows with laminated glass, which consists of two or more plies of
annealed or heat strengthened glass bonded by a clear inner layer of polyvinyl butyral. The
glass must have a large bite into the frame (i.e., up to 1 in [25 mm)]) or be attached to the
frame with high strength structural silicone sealants so that they entire window is not thrown
out of the frame into the building by a blast load. The frame attachment to the building wall
must also resist high reaction forces.

FIGURE 10.19: Window Retrofit Using Mullions and Film

¢ Placement of minimum 4 mil (100 pm) thick safety film on windows. It should be noted that
application of film does not improve the strength of the glass, but only reduces the number of
glass fragments. Care must be exercised not to trade off small glass hazard with blunt impact
hazard from a whole sheet of glass attached together by film. The film can be attached to the
window frame with a batten system or with high strength structural silicone so that the whole
sheet of filmed glass is not thrown into the building when the glass breaks. Fim strength
degrades with time and should typically be replaced at the end of the manufacturer’s warranty
period.

e Reduce the span width of the open glass area by adding support struts or mullions as shown in
Figure 10.19.



¢ Installation ofa "catch system" to block larger glass fragments, or even the entire window
pane and frame. The system must be able to stop the entire window missile within a
reasonable distance. Numerous catch systems are available or under development by
vendors. These catch systems should only be used when there is test data validating the
effectiveness of the catch system and the catch system attachments to the building for a blast
load similar to the design blast load, or when the system is designed with an approach that is
validated with test data. A more generic catch bar system as shown in  Figure 10.20 has also
been found to be effective when combined with a daylight film application. The bar requires
very strong connections to the wall, so that it yields in flexure before the connection fails.
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FIGURE 10.20: Window Film and Catch Bar Retrofit

e Narrow (e.g., 12 in [300 mm] wide) vertical orientated blast resistant windows placed in new
shield, blocked-in, or cocoon walls allow light into the building without significantly sacrificing
the blast resistant wall design.

The effects of negative pressure and rebound can be very important for glazing if there is
concern regarding window fragments outside the building, and should therefore be included in the
upgrade design. It should be noted that even if a window is upgraded with a higher strength glass
type or a battened film system, the structural integrity of the window frame and the frame attachments
to the building structure must be investigated. If the frame attachment to the wall is not able to
withstand reaction forces from the blast resistant window, the entire window frame will become a
hazard instead of the small glass fragments. The window frame, mullions, and the attachments of
these components to the building should always be designed to have a larger blast capacity than the
supported window system.



10.13 DOOR UPGRADES

Conventional hollow metal doors with a 1.5 hour fire rating (i.e., Class B fire doors) have a low
blast capacity. These doors fail in a number of modes, beginning with failure during rebound in the
unseating direction when the door is overloaded by blast to a moderate extent. If these doors have a
cylindrical latch, they may withstand a rebound force of 50 psf(2.4 kPa). Doors with a mortised
latch may be adequate for a rebound force of 100 psf (4.8 kPa). When conventional doors are
severely overloaded by the blast load, the combined deformation of the door panel and the frame
allow the door panel to be blown into the building. This is illustrated in Figure 10.21 for a blast load

that was sufficient to deform the door through the frame, but not large enough to throw it as a missile.
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FIGURE 10.21: Conventional Hollow Metal Door Damage Under Low Blast Load

In some cases, existing doors can be strengthened to resist the blast load. Attention must be
paid to the light steel door frame, since large blast loads cause the door frame to deform, allowing
the door to be pushed through the door frame into the building. Generally test data is necessary to
show that an upgraded conventional door and frame can resist a specified blast load. In low
occupancy buildings, doors may be attached to steel framing with cables that allow the door to fail,
but catch the door before it is thrown well into the building. The cable attachment to the door must
be made with through bolts and large plate washers that engage a large amount of door material,
since conventional doors have very thin gage steel panels. Also, the steel cable must be designed to
resist the portion of the blast load applied to the door before it is caught by the cable without
yielding, since steel cable is manufactured from nonductile wire.

Typically, the most practical approach is to replace nadequate doors with blast resistant doors
supplied by a specialty door vendor. Unlike conventional doors, blast doors are typically provided
as a complete assembly including the door, frame, hardware and accessories. This is because all the
components are dependent on each other to provide the overall blast resistance. Refer to  Chapter 9
for performance requirements and design details for blast resistant doors. The primary challenge
associated with using a new blast resistant door is an adequate attachment of the new door frame to
the surrounding building. Figure 10.22 shows several concepts for attaching a new blast resistant
door frame to an existing masonry or reinforced concrete wall. Conservatively, the door frame
attachment can be designed to have an ultimate strength that resists twice the peak applied blast
pressure on the door. This requirement can be reduced if there is a detailed analysis to determine the
maximum dynamic forces transferred by the door panel to the door frame. A separate steel ~ frame
supported by the building framing and the foundation can also be constructed inside the building to



support a new blast resistant door.
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FIGURE 10.22: Concepts for Providing Blast Door Frame in Existing Masonry or
Reinforced Concrete Wall



CHAPTER 11
SHEAR WALL BUILDING DESIGN EXAMPLE

11.1 INTRODUCTION

The following is a sample blast design for a control building using reinforced concrete walls, a
structural steel frame for vertical support, and a pile foundation. There are two blast load cases, one
applied to the long side of the building, and the other applied to the short side. The explosion source
and side-on overpressure (6 psi[41 kPa] for 0.05 seconds) are determined by others with the blast
design parameters coming from Appendix 3.

Structural code provisions, as applicable, are from,
e ACI 318-05, Building Code Requirements for Structural Concrete
e AISC 360-05, Specification for Structural Steel Buildings
e AISC 341-05, Seismic Provisions for Structural Steel Buildings

Additional references are,
e MacGregor, Reinforced Concrete, Mechanics and Design
Roark, Formulas for Stress and Strain
Biggs, Introduction to Structural Dynamics
AISC Manual, AISC Manual of Steel Construction
AISC Guide, AISC Design Guide 1, Column Base Plates
Blodgett, Design of Welded Structures
UFC 3-340-02, Structures to Resist the Effects of Accidental Explosions

For brevity, design for static loads is not included.



11.2 STRUCTURAL SYSTEM

The structure in this example is of Cast-in-Place Concrete Wall Construction as described in Section
4.3.5. Vertical loads are resisted by a structural steel frame. Lateral loads are resisted by the
concrete roof diaphragm and by the side shear walls.



11.2.1 Description of Structure

A section through the reinforced concrete shear wall is shown on the following page. This section
applies to each of the four sides of the building.



11.2.2 Framing Plan

Figure 11.1 shows the structural steel roof framing,
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FIGURE 11.1: Roof Framing Plan




11.2.3 Components for Blast Design

The design will proceed component by component. The tracking of reactions to supported structural
elements is not utilized. Each component will be designed as an independent uncoupled structural

member.

Lateral load resisting components include the front wall, back wall, side wall, roof diaphragm, shear
walls, and foundation ( Figure 11.2). Vertical load resisting components include the roof'slab, roof
beam, roof girder, column, and foundation. The foundation will be designed for vertical and lateral

loads using equivalent static design method described in Section 7.7.1.
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FIGURE 11.2: Wall Elevation



11.3 DESIGN DATA

11.3.1 Material Properties

As is typical for blast design in the petrochemical industry, commonly used structural materials will be
used.

structural steel (W shapes): ASTM A992, F, = 50 ksi (345 MPa)

structural steel (plates): ASTM A36, F, = 36 ksi (248 MPa), F, = 58 ksi (400 MPa)
reinforeing steel: ASTM A615, grade 60, F = 60 ksi (414 MPa)

concrete: £, = 4,000 psi (27.6 MPa)

DIF factors will be obtained from Table 5.A.3 using ASTM A588.

Because of the low permissible dynamic response, Fy, = F . (Tables 5.A.4 and 5.A.5)

steel modulus, E; = 29,000,000 psi (200,000 MPa)
concrete modulus, E, = 3,605,000 psi (24,900 MPa)
n=E_/E = (29,000,000 psi) / (3,605,000 psi) = 8.04

soil density: 115 pef(18.1 kN/m?)
roof dead load: 25 psf (1,197 Pa)

Rooflive loads are assumed to be negligible at the time of a potential blast incident.



11.3.2 Design Loads

The design load is taken from that calculated in Appendix 3.

Case A, explosion occurs on long side of building.
Case B, explosion occurs on short side of building,



11.3.3 Building Performance Requirements - Deformation Limits

The low response range (refer to  Appendix 5.B) is selected to maximize reuse of the building with
minimal cost of repairs.

Because low response limits (less than 2 degrees) will be used, dynamic design stresses will be equal
to yield dynamic stresses. Refer to Table 5.A.4.



11.4 EXTERIOR WALLS (out-of-plane loads)

The exterior concrete walls are 12 ft (3,658 mm) from floor slab to roof. The shorter walls are 66.67
ft (20,320 mm) long, a 5.6 to 1 height to width ratio. Therefore all walls will be analyzed as one way
beams pinned at the base by a crossed reinforcing configuration at the slab level (similar to  Figure
8.10), and pinned at the top due to a thinner roof'slab (  Figure 8.11 ). The wall is assumed to be
unrestrained (for axial forces) at the top end and will not respond in tensile membrane action.

NOTE: If the wall panel aspect ratio were less than 2 to 1, the panel would need to be analyzed as a
two-way span using resistance equations and transformation factors from the applicable tables in
UFC 3-340-02.

span, L= 12 feet or 144 in (3,658 mm) from floor slab to base of roof'slab

use a nominal design width, b = 1.0 ft or 12 in (305 mm)



11.4.1 Front Wall (from Load Case A)
Front wall loading results in the maximum wall response.

from the Chapter 3 Appendix calculation,
P, =13.8 psi (95 kPa)
P = 6.8 psi(47 kPa)

£ =0.034s
td =0.05s
£, =0.042's

The blast loaded area tributary to the exterior wall is the wall height of 144 in (3,658 mm) by the
nominal design width of 12 in (305 mm).

The applied load is divided into two triangular components: "reflection load" and "stagnation load"

reflection load,
Fro= (144 in spani 12 in width)(13.8 psi - 6.8 psi) /(L0000 k)
12.1 Kips (33.8 kM)

stagnation load.
Fa. = (144 in spanp 12 in widthje.8 psi) / (1000 kAb)= 118 kips (52.5 kIN}

total load
Fo=Fpp +Fa 239
(21K +(11.8k) Kice

23.9 kips (106.3 kN)

0.042 5



11.4.2 Side Wall

Side wall loading is used in an interaction check with shear wall response.

from the Appendix 3 calculation,

P, = 5.7 psi (39 kPa) 98
Lm0 kips
= 0055
T I =
peak load, 0055

Fo = (144 in span) (12 in width) (5.7 psi) / (1,000 kiIb) = 9.8 kips (44 kN)



11.4.3 Rear Wall

Neglect this case because it will not control.



11.4.4 Trial Size

NOTE: The following trial dimensions and material proportions may be obtained from trial
calculations, by inspection of similar structures, or from experience. The results of this dynamic
calculation will determine the adequacy of the trial size.

wall thickness, 10 in (254 mm)
#5 (@ 6 n (152 mm), each face, vertical

#5, area = 0.31 in® (200 mn?)
#5, diameter = 0.625 in (16 mm)

#3 (@ 6 in (152 mm), each face, horizontal

vertical bars are inside of horizontal bars



11.4.5 Compute Bending Resistance

for dynamic bending, {Appendin 5.A)
Fau = Foy = (SIFNDIF) Fp = (1.1} 1.17) 60 ksi = 77.2 ksi (532 MPa)
Pa. = (SIFNDIF) £ = (10K 1.19) £ ksi = 4.76 ksi (33 MFPa)

for the nominal design width,
Ag= (031 )12 i) (6 in bar spacing) = 0.62 in® (400 mm®)
for bending tension on the inside face, (ACI 318, Section 7.7.1.¢)
d = (10 in thick) - (0.75 in clear) - {0375 in horiz bar) - (0,625 in vert bar) 2
= 8.56 in (217 mm)

e o UTRpE s s 0 s
A min =3 (bWd) =3 ———— (12 in}(B.56 i) (ACI31E, Section 10.5.1)
E 77,200 psi

= 0.28 in® (180 mm®) < A, OK

Aq min = 200(b)d)Fe = 200{12 in¥8.56 in)(77.200psi)  (ACI3IS, Section 10.5.1)
= 0.27 in® (174 mm®) <A, OK

de = A, (Fa) / 0.85 (fac)(b) (MacGregor, Equation 4-9)
« (062 in*)}(77.2 ksi)/ (0.85)(4.76 ksi)(12 in)
= 0,99 in (25.1 mm)

My = A (Falfd - dal2] (MacGregor, Equation 4-10a)
= (0,62 in"H77.2 ksi) [(R.56 in) - (0.99 in)2]
“ 386 k-in (43,612 KN-mm)

positive (inward) bending resistance basad on pinned ends,
Re=8 M, /L =8 (386 k-in) / (144 in)}= 2144 Kips (95.37 kN) {Table 6.1}

for bending tension on the outside face, {ACI 318, Section 7.7.1h)
d = {10 in thick) - (1.5 in clear) - (0375 in horiz bar) - (0,623 in vert bar) /2
<781 in (198 mm)

A =3 %{h]{d} =3 —W{IE in)}7.81 in) {ACI315, Section 10.5.1)
b Pt

= 0,25 ind (161 mm*) -:}s.s, OK

A min = 200(b}d)Fa = 200012 in)(7.81 in)}(77.200psi)  {ACI318, Section 10.5.1)
= 0,24 in® (155 mm”) <A, OK

M, = A (Falld - do/2] {MacGiregor, Equation 4-10a)

= (0,62 in*¥77.2 ksi) [(7.81 in) - (0.99 in)y'2]
- 350 k-in (39,545 kKN-mm)

rebound (outward) bending resistance based on pinnad ends,
Reo= BM,/ L=8 (350 k-in} /(144 in} = 1944 Kips (86,47 KIN) (Table 6.1}



11.4.6 Compute Shear Resistance

for dvnamic shear, (Appendix 5.A4)
Fo = (SIFWDIF) f.= (1.OK 1.0} 4 ksi = 4.0 ksi (27.6 MPa)

Because positive or rebound bending can occur, calculate shear resistance based on the smaller of d
based on inside tension or outside tension, in this case, use d = 7.81 in (198 mm).

Va =2 fe bd {ACI 318, Equation 11-3)
2 fi2.000 psi) (12 in)7.81 in) / 1,000
11.85 kips (52.7 kN)

the critical section for shear is d from the suppott,
B: =V, L/{0.5L-4d)
(1L.BS kips W 144 in} / [0.5 {144 in) - (7.8] in}]
26,58 kips (1 18.2 kN)



11.4.7 Resistance & Permissible Response
Because Ry < R, bending controls

positive msistance = R, = Ry, = 21 44 kips (9537 kN)
rebound resistance = Ry = -Re = -19.44 Kips (-Ba.47 kIN)
allowable ductility ratio, 1, = not applicable

allowable support rotation, 8, = 10° (basad on no shear reinforcing)

{Table 5.B.3)

{Table 5.B.3)



11.4.8 Compute SDOF Equivalent System

Moment of inertia will be based on positive (inward) bending.

eross moement of inertia, .
I;= by /12 = (12 )10 @) / 12 = 1,000 in* (416,231,426 mm*)

transformed rebar area, )
i As = (RO4H0.62 in")= 498 in® (3213 mm’)

location of transformed neutral axis,
-nA o AL (nA o+ 2bd)

b

e

| -498in® +4.98in% (498 in + 212 in}(8.56 in))
12in

2228 in (58 mm)

cracked moment of inertia,

L. =h{da 3 +na,id-d.)p?
= (12 in}2.28 in)’/3 + (4.98 in’}B.56 in -2.28 in)®
=244 in* (101,560,468 mm*)

averapad moment of inertia,
L =(I;+Is)} 2= (LOOO in* + 244 in*} 2 = 622 in* (258,895,947 m*)

effective stiffness,

Ke =384 EL/5L {Table 6.1)
< 384 (3,605 kei}622 in*) / 5144 in)’
< 57.67 K/in (10,1 kKN/mm)

M ={wall weight)/ g
={0.15 kef)(0.83 ft thick}1.0 f nominal width){ 12 fl span) / (386 in/s")
= 0.00387 k-5in (0.00068 kN-"/mimn)

Because of the expected response, use an avempe of elastic and plastic values for Ky
elastic Kopa= 0.5/ 0.64 =078 {Table 6.1)
plastic Kow = 0,33/ 0.5 = 0.66

averape Ky = (.78 + 0.66) / 2=0.72

equivalent mass,
M. = (KoM} = (0,720 0.00387 ks¥in) = 000279 k-s%in (000049 kN-s%mm)

preriodd of vibration, {Equation 6.8}
o= 27 f{M_K_) =2 T 4(0.00279k -5%in) / (57.67 kfin) = 0.043 5




11.4.9 Chart Solution (front wall)

NOTE: Both charts and numerical ntegration need not be used. A chart solution is presented for the
front wall in order to illustrate implementation.

from the Chapter 3 Appendix caleulation,
P. = 13.8 psi (95 kPa)
Lo=0042 5

238k

1 L

peak load, 0.0425
F, = (144 in span){12 in width)( 13 8 psi) / (1,000 bk} = 23 S kips (106 kN)

Figure 6.6 uses t4 to represent the time of duration, thus t; =t, = 0.042 s

o/ 1, = (0.042 5)/ (0.043 5) = 0.98
Ra/Fo = (21.44 kips)/ (23 8 kips) = 0.90

using the chart: pg = 3.1 (Figure 6.6)
elastic deflection, y= Ru /K. = (21 .44 kips) / (56.93 kin) = 0377 in (9.6 mum)
maxirum deflaction, Ye, = (Uahy )= (310377 in) = 1.17in (297 mm)

i mm support rotation, (Figure 5.9)
By = arctan (Ve ! 0.5L0) = arctan [{1.17 in) /(050144 in)] = 0.93° < @, OK



11.4.10 Numerical Integration Solution (front wall) (Appendix 6)

NOTE: The numerical integration procedure can handle the bilinear loading in lieu of an equivalent
triangular loading.

Fpe = 12.1 kips (53.8 kN)

Fa = 1 1.8 kips (525 kN) 12.1k
L = 0034 5

tg = 0,05 3 118k

| 0033 0.05 5

tirmee mcrement = G/ 10 = 00043 5

TABLE 11.1: Front Wall Numerical Integration

[Eralysis Case Dasarplion: [Crapiter 11 Secaon 114,10, frore wall

i Loacireg Cusc e [121 - 121 S 003 | l:f‘-r.‘ml'l'lS-'l'l&’ﬂ’.‘w'lﬂ'O':Gq.D‘l
| | ]
EEY =0 s alaalic =1 Is inTreasing plasfic ded onmadon
EY = +1 |5 posilive phasic =2 Ig el of mebaiared L
PEY = <1 is nabourd plasiic =3 I e of N il ||
=4 |5 corl mised slasic
[F =5 is gaf of mbound plasic defommadon
[£ = & Is start of podifive pliaafic Safomalion]
a s = KEY ol K e F ey e Z
Tzl | (ep | O | - | (W) | gepsr | (m | gne)
BEes ) OFT L34 [x] 1,103 [=] O 000
B435 OFT L34 o 1,103 T R[] 748 4
232 o7 L0349 ] 1103 218 0188 L43 4
A 554 o7 L0349 1 1048 -3l ora £35 -]
<2 E13 o7 L0349 1 1048 138 0132 1178 |
33 CLET 009 A 1,045 Bz oo B4 1
JJ‘ID_ CLET 004 ] 1 J:dﬁ_ 12 [sX=3R] <TELES R
[T F] T [T 2L] BTl -!-\J:L LT 0034 1 1,045 -E =00 -Z'Iéﬁ R
[z 455 [N =R =4 48T Qe [l <] 103 <= =04 ] 2
0008 230 oa00 =41 88 <2138 084 O.0Ss o 1,103 184 =0T s ] 4
(s k] 238 O 43 B4 1. 118 084 O0es ] 1,103 AT =018 1028 4
004 142 [ =T 4,003 OE14 [N [5] 1,103 =108 =0 EE 1842 4
OOa8 | nay | oWy | oiaos | mees | D@l | ooes | O R[] 13| omi | coes |4
BB | o0 | oss | BED E7d7_| oed | ooes | 0 i | E no7e | 088 |
[ile ] o is n) [Ehv P ) 4,18 CUE 4 CLCGs [x] 103 =23 0940 1108 4

The calculated time increment of 0.004 seconds appears to be adequately short to properly define
the dynamic load.

For the numerical integration, refer to Table 11.1.

The positive peak deflection is att = 0028 5,
Ve = HOLETL in (20,7 mm)

The rebound peak deflection is at t= 0,052 5,
Yo = 0156 in (4.0 min)

RN Support fotation, (Figure 5.9)
B = arctan (ye / 0.5L) =arctan [(0.814 in) / (0.5 144 in)] = 0.65" < &, OK

maximum demand / permissible = 065/ 1.0 = 065, USE from wall as assumed




11.4.11 Numerical Integration Solution (side wall)

F. = 9.8 kips (44 kN)
tr=103
ty= 0.053

98k

005 s

For the numerical integration, refer to Table 11.2.

The positive peak deflection is at t = 0.020 s,
Y = 10.274 in (7.0 mm)

TABLE 11.2: Side Wall Numerical Integration

Analysiz Case Dazcription: Chapter 11, Saction 11.4.11, side wall

Dynamic Loading Description: |max [5.8 - Q.E—{time]I[l}i 05), 0] | I

tima incremant = 0.004 |s KEY = 0 is elastic | = 1 ig increasing plastic daformation

mass = | 000279 k=s2fin _ |KEY = +1 iz positive plastic Z = 2 iz end of rebound plastic deformation

sliffness = 56.93 | kiin = - is rebound plastic 7 = 3 is end of positive plastic deformation

damgping = 0 [k-gfin 7 = 4 is continued alastic |

positive resistance = 21.44 |kips 7 = 5 is start of ebound plastic deformation

rebound resistance = | -19.44[kips 7 = § Iz start of positive plastic deformation

elatic load = 0 [kip=
tima | Dyn. Load ¥ v a yart ya- KEY off K incr F incr y iner v

(=) (kipe) (in} finfs}) | (inf=d) (i} (in} - (Kin) | (kips) (in} {in/=)

0.000 9.80 0,000 0.00 3513 0.377 -0.34 0 1,103 29 0.026 12,43
0.004 9.02 0,026 | 1243 2702 0.377 -0.34 0 1,103 74 0.067 751 4
0.008 823 0093 | 1994 1,055 0.377 =0.341 0 1,103 92 0.083 0.27 4
0.012 7.45 0.176 | 2022 418 0.377 -0.34 0 1,103 76 0.069 -T705 4
0.016 6.66 0245 | 1347 -2 608 0.377 -0.34 0 1,103 a2 0.029 1220 | 4
0.020 5.88 0.274 0.97_ -3,490 0.377 =0.341 0 1,103 =26 0.024 -1356 | 4
0.024 5.10 0251 | -1259 -3,291 0.377 -0.34 0 1,103 -81 0.073 -1073 | 4
0.028 4.31 01477 | -23.32 -2073 0.377 -0.34 0 1,103 -116 £0.105 -4 57 4
0.032 3.53 0072 | -2T89 =214 0377 =0.341 0 1,103 =119 <0.108 3.00 4
0.036 274 0036 | -24.90 1,712 0.377 -0.34 0 1,103 -8 40.082 9.64 4
0.040 1.96 <0118 | -15.26 3,108 0.377 -0.34 0 1,103 -39 40.035 13.30 4
0.044 1.18 0153 | -1.96 3,541 0377 -0.341 0 1,103 21 0.019 12.84 4
0.048 0.39 <0134 | 10.88 2878 0.377 -0.34 0 1,103 69 0.063 8.67 4

The rebound peak deflection is at ¢ = 0.044 5

Ve = 0L 153 i (-3.9 mum)

T Support rotation, (Figure 5.9)

B = arctan (v 0.5L) =arctan [{0.274 in} / (0.5 144 in)] = 0.22% < 8, OK

Refer to the design for wall in-plane loads for the interaction check.



11.5 ROOF SLAB (in-plane loads)

The roof diaphragm is designed to transfer wall loads to the side shear walls. The diaphragm is fixed
at both ends by continuous attachment to the walls. The center of mass coincides with the center of
rigidity indicating no incidental torsion.

span, L= (92,667 fl out-to-out) - (10 in wally12 = 9183 flor 1,102 in (27,991 mm}

depth = 66.67 i or 800 in (20,320 mm}, out-to-out

detarming width of composite (wall) flanpe: ({ACI 318, Section B.10.3)

a (1102 in span) /12 = 92 in (2,337 mm)

b. {10 in wall) 6 = 60in {1,524 mum) == controls

c. (144 in wall span) /2 = 72 in (1,829 mm)

use affective width, b = &0 in {1,524 mm)



11.5.1 Load Case A (applied to long side of building)

from the Chapter 3 Appendix calculation,
P.=13.8 psi (95 kPa)

P, = 6.8 psi (47 kPa)

t.=0.034s

ty=0.05s

The blast loaded area tributary to the roof diaphragm is half the exterior wall height of 144 in (3,658
mm) by the building width of 1,112 in (28,245 mm).

NOTE: The rear wall load, with the applicable arrival delay, could be applied to minimize the roof
diaphragm response.

The applied tributary load is divided nto two triangular components: "reflection load" and "stagnation
load"

reflection load,
Frp=(144 in height * 0.5)(1,112 in width)(13.8 psi - 6.8 psi) /(1,000 Ib/k)
=560 kips (2,493 kN)

stagnation load,
Fgp= (144 in height * 0.3 1,112 in width)(6.8 psi} / {1,000 Ih'k)

344 Kips (2420 kIN}
S0k
544k

| 0.0345 0058




11.5.2 Load Case B
(applied to short side of building)

neglect this case because it will not control



11.5.3 Trial Size

concrete roof slab
5 in (127 mm) thickness, plus 2 in (51 mm) steel decking for an average of 6 inches (152 mm)

roof reinforcing (used to resist shear)
#3 @ 8 n (203 mm), each face

#3, area =0.11 in? (71 mn?)

chord reinforcing (used to resist bending)
10 in (254 mm) concrete walls
10 #8 bars

#8, area = 0.79 in® (510 mn?)
A, = (10 each)(0.79 in?) = 7.9 in? (5,100 mm?)



11.5.4 Compute Bending Resistance

for dvnamic bending, {Appendix 5.A)
Fas = Fay= (SIFNDIF) Fy = (L1117} 60 ksi = 77.2 ksi (532 MFPa)
Pa. = (SIFNDIF) fo= {1.00(1.19) 4 ksi = 4.76 ksi (33 MPa)

d = (R00 in depth) - (10 in wall ) 2 = 795 in (20,193 mm)

. — I r—— - —
Agmin =3 ——(bWd)= 3 ————— (60 in){ 795 in} (ACI 318, Section 10.5.1)
E, 77,200 psi
< 128 in® (82,580 mm™*)not less than A, NG

Ay min 2D{h[bl-l[d}'F&- 200060 i 795 in) (77,200 psi)  (ACT3EE, Section 10.51)
¢ 124 in” (80,000 min ) not less than A, NG

The response will be limited to the elastic range even though cracking will probably be caused
anyway by out-of-plane bending. Such pre-cracking is not reliable enough for a design basis unless
special construction details are provided to ensure behavior.

das = (AN Fas )}/ (0B NP HB) {(MacGregor, Equation 4-9)
79 ln‘}-{]‘?.z ksi) /{08476 ksip 60 in)
250 in {64 mum), within thickness of wall

M = (ANFa)d - d2] {MacGregor, Equation 4-10a)
(7.9 in*}77.2 ksi) [(795 in)- (2.51 in) /2]
484,080 k-in (54,694,700 KN-mm)

Ry =8 (M, + M)/ L=16M, /L (Table 6.2)
16 (484,080 k-in) / (1,102 in)
7.029 kips (31,266 kN)



11.5.5 Compute Shear Resistance From Shear Friction Criteria

for shear friction: {Appendix 5.A)
Fs = Fa = (SIFYDIF) F, = (LI 1. IN60 ksi) = T2.6 ksi (501 MPa)

friction coefficient, {ACI 318, Section 11.7.4.3)
fe= L0 (A} = 1O {intentionally roughened surface )

As = (011 i) 12/8 spacing M N2 layers {6667 ft length) = 22.0 in> (14,190 mm®)

We = (AHFaHpy) (ACT 318, Equation 11-25)
(22.0 in")}72.6 ksi{1.0) = 1,597 kips (7,103 kIN}

Ra= 2(Ve) =2 (1,597 kips) = 3,194 kips (14,208 kM)



11.5.6 Resistance & Permissible Response

NOTE: Roof diaphragm resistance could be controlled by deep beam action. Applicable code
criteria is provided m ACI 318, Section 11.8.

because R < Ry, shear friction controls,

positive and rebound resistance, R, = R,. = R, = 3,194 kips (14,208 kN)

Because shear controls,
allowable ductility ratio, py = 1.3 {Table 5.B.3)

allowable support rotation, 8, = not applicable {Table 5.B.3)



11.5.7 Compute SDOF Equivalent System

Because the roof diaphragm is a deep and relatively short beam, the stiffhess must include shear
deformations. Compute the total midspan deflection for an arbitrary load of 1,000 Ib/n (175 N/mm).

For moment of inertia calculations, to approximate the effect of roof cracking due to out-of-plane
loads, use half the roof slab thickness.

B0 {25 cm) T80in {1,981 cm) 10 in{23 cm)
1
o T . p—
(114 c-m}r 2.5 in {6 cm) I

Chord width,
b= say 4{wall thickness} + (roof thickness) = £ (10in) + 5 in=453in (1,143 mm)

include chord reinforcing, .
fA= (R04H79 inY) = 6352 in° (40980 mm’)

motnent of inertia,

[ =Z bk’ ¢ 12+ Ziarea)distance)’
2045 i) 10in)/12 + (2.5 in)(780 inf’/12 + 2 [(45 in}10in) +63.52 in'}(395 in)
250,116,000 in*  (1.0785 % 10™ mm*)

flexural daflection, {AISC Manual, Beam Tables)
Ar = (loadWL)* / 384 (END)

{1,000 bin)(1,102 in)* / 384 (3,605,000 psi) 259,116,000 in*)

00041 i (0. 104 mm)

shear modulus,
Ge=E,/2(1 +v) = (3,605,000 psi)} /2 (1 + 0.2)= 1,502,083 psi (10,357 MPa)

shear deflection, (Roark, page 166)
A, =0.125 (6/S)load L)’ / (area)G)
0.125 {6/ N 1,000 Ifin) 1,102 in}* / (5 in)(795 in)( 1,502,083 psi)
=0.0305 i {0775 min)

effective stiffness,

K. = (loadL) /{4 + &)
{1,000 Iin {0000 kABNE 102 in) ¢ (00041 in + 00305 in)
JLBS0 Kin (5,578 KMimm)

bearn mass,
M = [{diaphmgm weight) + (tributary wall weight)] /g
{0.15 kefi 1,102 inﬁ}[{fr itn B0 L::}} FOID in( 144 in x 12202 walls)]
CLT2E infOW3B6 infsT)
1.55 k-s'fin (027 kN-s"/mm)

Because of the expected response, use elastic valuas to compute Kyay
elastic Kpy=0.41 /053 =0.77 {Table 6.2)

equivalent mass, . )
M, = (KM} = (0770 1.55 k=s¥in) = L19 k-s%in  (0.21 kN-sYmm)

period of vibration, (Equation 6.8)
=27 M, (K, =21 (119k-5%in}(31,850k/in) = 0.038 3




11.5.8 Numerical Integration Solution (load case A) (Appendix 6)

NOTE: The numerical integration procedure can handle the bilinear loading in lieu of an equivalent
triangular loading.

Faw = 560 kips (2493 kN)

Fe =544 kips (2,420 kN) 360k

L= 0.034 3 44 kb

ta= 0.05 5 | N

0.034 5 0058

time mncrement = G,/ 10 = 00038, say 0002 5

The calculated time increment of 0.002 seconds appears adequately short to properly define the
dynamic load.

For the numerical integration, refer to Table 11.3.

TABLE 11.3: Roof Diaphragm Numerical Integration
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The positive peak deflection occurs att=0.018 s.
Y = 10.054 in (1.37 mm)

pg = 0.54 <p,, OK

The rebound peak deflection occurs at t = 0.038 s.
Vi = -0.033 in (0.84 mm)

pg. = 0.33 <p,, OK

Refer to the design for out-of-plane loads for the interaction check.



11.6 SIDE WALL (in-plane loads)

The side shear wall is a cantilever which transfers roof diaphragm reactions to the floor slab and
foundation. The 17 foot height is a bit conservative because some of the lateral force is removed at
the floor slab level.

height = 17.0 ft, or 204 in (5,182 mm)

length = 66.67 ft, or 800 in (20,320 mm)



11.6.1 Load Case A (applied to long side of building)

from the Chapter 3 Appendix calculation,
P.=13.8 psi (95 kPa)

P, = 6.8 psi (47 kPa)

t.=0.034s

ty=0.05s

The blast loaded area tributary to the side wall is half the exterior wall height of 144 in (3,658 mm)
by half the building width of 1,112 in (28,245 mm).

reflection load,
Fro= (144 in haight = 0501102 in width * .53 13,8 psi - 6.8 psi) /(1,000 K1)
280 Kips (1,246 KN}

stagnation load,
Fop = (144 in height * 0.5 1,112 in width * 0.506.8 psi) / (1,000 kdb)
272 kips (1,210 kKN)



11.6.2 Load Case B (applied to short side of building)

neglect this case because it will not control



11.6.3 Trial Size

Side wall should match front wall design

#3 (@ 6 i (152 mm) horizontal, each face
#3, area = 0.11 in? (71 mn?)

#5 @ 6 in (15 cm) vertical, each face

#5, area = 0.31 in® (200 mn?’)
#5, diameter = 0.625 in (16 mm)

vertical bars are inside of horizontal bars



11.6.4 Compute Bending Resistance

for dvnamic bending, {Appendix 5.A4)
Fa = Fay = (SIFNDIF) Fp = (L1 1.17) 60ksi = 77.2 ksi (532 MPa)
Fac = (SITFWDIF) fo= (LOW 1. 19 4 ksi = 4. 7o ksi (33 MPa)

For bending, assume 12 bars at the corner provide the tension component for resisting in-plane
moment. An accurate assessment of the contributing bars would be difficult because of out-of-plane
bending tension on bars away from the building corners. Because of this approximation, the in-plane
response will be limited to the elastic range.

A, = 12(031in*) =372 (2,400 mm?)

b=10in (234 mm)

d = say (800 in depth) - (10 m wall) + (1.5 in clear) 4+ (0,625 in bar)2
T2 (20,017 mm)

pe= Ay (bHd) =(3.72 itF} SOL0in 792 in) = 0L0005, not greater than 200/ Fa

The response will be limited to the elastic range even though cracking will probably be caused by
out-of-plane bending and by the construction joint at the base of the wall. Such pre-cracking is not
reliable enough for a design basis unless special construction details are provided to ensure behavoir.

b = say 24 in (610 mm) for width of beam flange at corner

b= say 24 in (610 mm) for width of beam flange at comer

e = (ANFa) ! (0850 Fa W) (MacGragor, Equation 4-9)
{3.72n7) (77.2 ksi) /{0.85) (4.76 ksi) (24 in)
2.96 in (75 mm), l2ss than thickness of intersecting wall

M, = {AHFa) [d - ds2] (MacGrepor, Equation 4-10a)
(3.72 in")77.2 ksi) [(792 in) - (2.96 in) /2]
227025 k-in (25650372 kN-mim)

Ry =M, /L = (227,025 k-in)/ (204 in) = 1,113 kips (4,951 kN)



11.6.5 Compute Shear Resistance From Shear Friction Criteria

for shear friction: {Appendix 5.A)
Fas = Fay= (SIFWDIF) Fp = (LI L. D60 ksi) = 726 k=i (501 MPa)

friction coefficient, {ACT 318, Section 11.7.43)
i = LG (A) = 0.6 (not intentionally roughensd)
Ag = [(0.31 in®) /(6 in spacing)] (800 in depth)2 faces) = 8267 in® (53,335 mm’)

Re = Vo = Ay (Fa)(ii) {ACI 318, Equation 11-25)
(82,67 in®) {72.6 ksi) (0.6)
3,601 kips (16,018 kN)



11.6.6 Resistance and Permissible Response

Because Ry, <R, bending controls
positive and rebound resistance, R, = R,. = R, = 1,113 kips (4,951 kN)

Because shear controls,
allowable ductility ratio, pa = 1.3 {Table 5.B.3)

allowable support rotation, & = not applicable {Table 5.B.3)



11.6.7 Compute SDOF Equivalent System

The shear wall is effectively a single degree of freedom system.

Because the shear wall is a deep and relatively short beam, the stiffness must include shear
deformations. Compute the total deflection for an arbitrary load of 1,000 kips.

For moment of inertia calculations, to approximate the effect of wall cracking due to out-of-plane
loads, use half the wall thickness.

Chord height = say 4 (10 in end wall) + (10 in side wall) = 50 in (1270 mm)

include chord reinforcing,
nA = (B04NIT2 i) =2991in" (19,297 mm’)

morment of inertia,

I = Z{width)heighty’ / 12 4 I.{area}{dmmnccﬁ
2030 W10 in)? /12 4 (3 780 En}] A2 20030 in) 10 in) + 2991 in)(395 m]2
363,006,750 in* {1511 x 10™ mm*)

flexural deflection,
Ar = (load) (LY / 3(E WD) {AISC Manual, Beam Tables)
(1,000 KH204 in) ¢ 33,605 ki) 363,006,750 in)
0.002 i (0.051 mm)

shear deflaction,

Ayo= 12 (Lload) / (area (i) (Road, paps 166)
1.2 (204 in{ 1,000 k) / (10 in W 800 in)}1,502 ksi}
00204 i (0518 rom)

beam sti finess,
K = {load) / (A;+ Aj) = (1000K) /! (0.002 in -+ 00204 in)
44043 Kin (7,818 KN/mm)

ributary front & rear wall weight, )
weighty = (015 kefp( 10 inp 1,112 in * 0.5 144 in = 0.5W2 walls) / (1,728 in*.-'l'li}
695 kips (309 kM)

ributary roof weight, :
weighty = (015 kefe inj 1,112 in = 0.5 B00in) / {I.‘?Ei-linl.-'llij
1.7 kips (1,031 kN)

shear wall weight, i
weighty = (0.15 kef)( 10 in}(B00 in}(204 in * 0.5) / (1,728 in®i%)
TR Kips (315 KN)
total mass,
Moo= [weight, + weights -+ weighty)] g
[(69.5 k) -+ (231.7 k) + (T0.8 k)] /{386 ins")

<0964 k=s7in (0,169 KN-s>mm)
petiod of vibration, {Equation 6.8)
=2nM/K =2x -,,"{{r.ﬂﬁ-'ik -57/in) (44,643 kfin) = 0.029 5




11.6.8 Numerical Integration Solution (load case A)

NOTE: The numerical integration procedure can handle the bilinear loading in lieu of an equivalent
triangular loading.

Fap = 280 kips (1,246 kN)

Fa =272 kips (1,210 kM) 280 k
L= 0,034 3

tg= 0.05 3 272k

| 0.03 s 0055

time mcrement = G,/ 10 = 007 5

TABLE 11.4: Side Shear Wall Numerical Integration
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The calculated time increment of 0.001 seconds appears to be adequately short to properly define
the dynamic load.



For the numerical integration, refer to Table 11.4.
The positive peak deflection occurs att=10.014 s
Y = 10.021 in (0.53 mm)

pg=0.82 <p,, OK

The rebound peak deflection occurs att = 0.058 s
Y. = -0.012 in (-0.30 mm)

pg. = 0.49 <p,, OK

side wall interaction, (Equation 7.2)
[ﬂ.:.-'.-:'ulg-1 F A f Aglap = [{0.82) A (1.0)]g" + [(0.22) / (1.0} ]y =077 < 1.0, OK

maximum demand / pemmissible = 082,  LSE side wall as assumed




11.7 ROOF SLAB (out-ofplane loads)

The roof panels are 18 ft (5,486 mm) by 8 ft (2,438 mm), a 2.3 to 1 ratio. Therefore the roof will be
analyzed as a one way beam fixed at both ends by adjoining roof'slab spans or by thicker side walls.

NOTE: If the roof panel aspect ratio were less than 2 to 1, the panel would need to be analyzed as a
two-way span using resistance equations and transformation factors from the applicable tables in
UFC 3-340-02.

A non-composite deck will be used as a form only. According to manufacturer’s literature,
composite metal decking is not intended for dynamic loads.

A2 i (51 mm) deep metal deck, temporarily propped at mid-span, is selected.
span, L= 8 feet or 96 in (2,438 mm) from center to center of supporting beams

use a nominal design width, b = 1.0 ft or 12 in (305 mm)



11.7.1 Load Case A (explosion on long side of building)

Refer Lo the Chapler 3 Appendix for load determination, 5.9

P.=5.1pst (35 kPa) kips

t, = 0006 5

ta=0.05 5 LI} BT
0.006 0.0563

The blast loaded area tributary to the roof'slab is the span 0of 96 in (2,438 mm) by the nominal design
width of 12 in (305 mm).

peak load,
F,= (96 in span)(12 in width)5.1 psi) /{1,000 Ibk) = 5.9 kips (26.2 kM)



11.7.2 Load Case B (explosion on short side of building)

[
kips
L= 1# (305 mm), this leads to C,= 1.0and L, =0.0 5
005s
peak overpressune, {Equation 3.11)
Pi = e (Paa) + Calge) = (1.0) (6 psi) + (-0.4) (0.8 psi) = 5.7 psi  (39.3 kPa)

peak load,
F, = (96 in span){12 in width) (5.7 psi) /{1,000 Ib/k) = 6.6 kips (29.4 kIN)



11.7.3 Trial Size

NOTE: The following trial dimensions and material proportions may be obtained from trial
calculations, by inspection of similar structures, or from experience. The results of this dynamic
calculation will determine the adequacy of the trial size.

5 in (127 mm) concrete slab plus metal deck

#3 (@ 8 n (203 mm) each way, top & bottom

#3, area = 0.11 in? (71 mn?)

#3, diameter = 0.375 in (10 mm)

bars in span direction are outside of bars in perpendicular direction



11.7.4 Compute Bending Resistance

for dynamic bending, (Appendix 5.A)
Fg = Fay= (SIFYDIF) Fy = (11N 1.17) 60 ksi = T7.2ksi (532 MPa)
s = (SIEWDIF) Fo= (LOWL. 194 ksi= 4. Ta ksi (33 MFa)

Aa= (001 in") (12 in) /(8 in) = 0.17in* (110 mm®)

fior bending tension on bottom face,
d= (3 inslab)- (0.73 in clear) - (03735 inbar)2 = 406 in (103 mm)

I J4760psi
Agan=3 15 (byd) =3 X (12in)4.06in)  (ACI318, Section 10.5.1)
¥z T71.200ps1

= 0.13 in® (187 mm®) =4, OK

Aq o = 200(bd)Fes = 200(12 in)(4.06 in)(77,200psi)  (ACT318, Section 10.5.1)
- 014 in® (181 mmY) < A, OK

dy = A,(Fs) / 085 (M )ib) {MacGiregor, Equation 4-9)
= (0.17 in®W77.2 ksi)/ (0.85)4.76 ksi)(12 in)
=027 in (6.8 mm)

My e = A, (Feld - d/2] {MacGregor, Equation 4-10a)
« (0,17 in*)(77.2 ksi) [(4.06 in) - (D.27 in)/2]
« 515 kein (5,819 KN-mm)
fior bending tension on op face,
d = (5 in slab) - (0.75 in clear) - (0.375 in bary2 + (2 in deck) /2 = 5.06 in (129 mm)
Jfs ) = 3 Y 100msi
(bya)y= F.ﬂ—
F,, 200psi
0.16 in® (103 mm®) < A, OK

-l"llc:,m.lﬂ =3

(12 in)(5.06 in) {ACI 318, Section 10.5.1)

A, min = 200(bNA)F & = 200012 in)(5.06 in)(77,200 psi}  (ACI 318, Section 10.5.1)
= 0.16 in® (103 mm*) < A, OK

Mo top = As {I‘.gg}[2 2] (MacGregor, Equation 4-10a)
= (00T in W 772 ksi) [(5.06 in) - (0.27 in)/2)
= ad.6 k- {7,299 KN-mmm)

positive (downward) and negative (upward) bending resistance based on fixed ends.
Be=Re = 8 (Mp poa + Mpwg) /L (Table 6.2)
= B [(51.5k-in) 4+ (646 k-in)] / 96 in
=97 kips (43.1 kIN)



11.7.5 Compute Shear Resistance

for dvnamic shear, (Appendix 3.4)
Fo = (SIFWDIF) £,= (1.001.0)4 ksi= 4.0 ksi (27.6 MPa)

Because positive or rebound bending can occur, calculate shear resistance based on the smaller of
top or bottom tension. In this case, use d =4.06 in (103 mm).

V, =2 Jfs bd (ACT 318, Equation 11-3)

2 J4.000 psi) (12 in}(4.06 in) / 1,000
6.16 kips (274 kM)

the critical section is d from the support,
R, =¥.L/[05L-d]
(6. 16 K9G in) / [0.5 (96 in) - 406 in)
13.5 kips (601 kN)



11.7.6 Resistance & Permissible Response
Because Ry, <R, bending controls
positive resistance = R, = Ry, = 9.7 kips (43.1 kN)

rebound resistance = R,_ = -Ry_=-9.7 kips (-43.1 kN)
allowable ductility ratio, [, = not applicable {Table 5.B.3)

allowable support rotation, 6, = 1.0° ({Table 5.B.3)



11.7.7 Compute SDOF Equivalent System

slab weight is basad ona 5 in (127 mom) slab plus a [ in (25 mm) averape concrete in
the dack,

weight = (0,15 kefy0.5 fi) = 0.075 ksf (3.6 kPa)

static load = (8 A1 1) [(0.075 kst slab} + 0.025 ksfdead load)] = 0.8 kips (3.6 kN)

moment of inertia will be based on positive (downward) bending.

gross moment of inertia, ]
Ig=b(h) /12=(12mK5n) /12=125n* (52,029,000 mm*)

transformed rebar area,
n A, = (8044017 in’) = 137 in® (884mm’)
lecation of transformed neutral axis, {MacGrepor, Page 308)

-nA b A (nA, 2 )
dm -

]
-1.37in’ 4 .,_.I'I.E’.J in® (1.37in® +2{12 in){4.06 in))
12in

086 (22 mim})

cracked moment of inertia,

I =h(da3 +0 A, (d-d.)?
= (12 m)(0.86 )3+ (137 in 406 in - 0.86 in)*
= a6 int (6,909,242 mmh)

averaped momeant of inertia,
L, =(I,+Iz}/2= (125 in* + 16.6in") 2 = T0.8in* (29,469,185 mm*)

effective "bilinear" stiffness, {Bipgs, Table 52)
K =307 E:L/L"

= 307 (3,605 ksif 708 in*) £ (96 in)?

=816 kin (143 kN'mm)

static daflection,
Ve = (static load) / K. = (0.8 kips) / (81.6 k/in) = 0.01 in (0.25 mm)

slab mass,

M = (slabweight) /g )
“ {0.13 kefW0.5 L thick ) 1.0 il widthi(8 i span) / (386 inds)
< 0.0016 k-gVin (0.00028 kN-;ﬁ'mm}

becanse of the expected response, use an average of values for Ky

elastic Kpy =041 /053 =0.77 {Table 6.2)
plastic Kyw= 0,33 /0.50= 0.66

averape KEpy = (0L77 + 0.66) /2 =0.715

equivalent mass, )

M, = (K (M) = (0.715N0.0016 k-s7in) = 0.0011 k-s*/in (0.00019 kN-s*/mm)
period of vibration, (Equation 6.8}
t=2m M, 7K, =2n i0.0011k-s%in}B1.6 kin) = 0.023 5




11.7.8 Numerical Integration Solution (load case A)

Fo= 59 kips (262 kN)
tr = 0.006 5 39k
tgw= 0.05 5

time increment = t, / 10 = 0,002 10,006 s 0.05%s

The calculated time increment of 0.002 seconds appears to be adequately short to properly define
the dynamic load.

For the numerical integration, refer to Table 11.5.

The positive peak deflection is at t = 0.014 s,
Yy = 10.141 in (3.6 mm)

The rebound peak deflection is at t =0.074 s,
Y. = -0.014 n (-0.4 mm)

The selected rebound peak is the first to occur after dissipation of the applied load.

TTAN T SUpport rotation, (Figme 3.9}
B = arctan (Ve ! 0.5L) = arctan [(0.141] in) /(05096 in)] =0.17° <&, OK

roof slab mtemetion {Equation 7.2}
(A ! Alg® + [Aad Aglp™™ [(0.54) / (L0))2 + [(0.17) 1 (1.0)]op" = 0.32 < 1.0, OK

TABLE 11.5: Roof Slab Numerical Integration
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11.7.9 Numerical Integration Solution (load case B)

P, = 6.6 kips (29.4 kN)
LoD s 6.6k

tg=0.05s

v

time increrment = tg f 10 = 0,002 0055

The caleulated time increment of 0002 seconds appears 1o be adequately short 1o
projpetly define the dynaimic load.

The calculated time increment of 0.002 seconds appears to be adequately short to properly define
the dynamic load.

TABLE 11.6: Roof Slab Numerical Integration

A nalysis Case Description: Chapter 11, Saction 11.7.9, Roof SlabCasa B
Dynamic Loading Description: |max(6.5-6.6 ima0.0086 0)

[t ncrement = 0.002|s KEY =0 is alastic Z =1 |z increasing plastic dafarmation
Imass= | 0.0011|ks2liin __ KEY = +1 Is positive plastic Z =2 Is and of mbound plastic deformation
[etiffress = 81.5/kiin KEY = -1 |z rebound plastic Z =13 | and of positive plastic deformation
damping = {ilk-s/in Z = 4 |5 continued alastic |
thve resistance = 4.7 kips Z =5 is start of rebound plastic deformation
rabound reslstance = -4 7| kips Z =16 |z start of pasitive plastic deformation
|etatic load = 0.8/ kips
Hme | Dyn Load y v a yas Y- KEY affK Iner F Incry Iner v z
(s} {kips) in) | (in/g}) | (injsd) (in} {in} = (kinj | (kips) (in) (inis} | -
0.000 6.60 0.010 | 0.00 6,000 0119 | 0119 0 1782 20 0.011 10.92
0.002 6.34 0.024 | 1092 4923 0119 | 0119 0 17382 52 0.030 7.38 4
0.004 6.07 0.051 18.30 2,454 0118 | 0119 0 1,73 68 0.039 1756 -
0.006 5.81 0.081 | 20.05 -708 0119 | 0119 0 1,73 64 0.037 438 | 4
0.008 554 0.127 | 15.67 3,051 0119 | 0119 1 1,650 41 0.025 £34 | 6
0.010 528 0152 | 932 3,291 0118 | 0119 1 1,650 20 0.012 £.82 1
0.042 5.02 0464 | 250 43,531 0119 | 0119 1 1,650 -4 £.002 -1.30 i
0.014 4.75 0.162 | -4.80 =3 606 0.164 | 0.074 0 1,73 =28 £.016 £25 | 3
0.016 4,49 0.146 | -11.05 | -2647 0164 | -0.074 0 1,738 -45 4.026 358 | 4
0.018 422 0.120 | -14.64 -83 0164 | 0074 0 1,782 -52 40.030 0.10 4
0.020 3.96 0.080 | -14.54 1,035 0164 | 0.074 0 1,732 =45 4.026 3.75 4
0.022 3.70 0.064 | -10.79 2,716 0164 | -0.074 0 1,732 =27 £.016 6.34 4
0.024 343 0048 | -445 3,629 0164 | 0074 i} 1738 -3 £.002 7.14 4
0.026 317 0.047 | 270 3516 0164 | 0.074 0 1,732 20 0.012 592 4
0.028 280 0.058 | 8.62 2 409 0164 | 0.074 0 1,73 36 0.021 3.03 4
0.030 264 0.079 | 1165 621 0164 | 0074 0 1,72 40 0.023 £72 | 4
0.032 238 0102 | 10.93 -1,343 0164 | 0074 0 1738 3 0.018 427 | 4
0.034 21 0.120 | 666 2827 0164 | 0.074 0 1,738 12 0.007 £.61 4
0.036 1.85 0.127 0.05 -3,683 0164 | 0074 0 1,738 -12 £.007 J08 | 4
0.038 1.58 0.120 | -7.03 3,358 0164 | £.074 0 1,732 =35 £.020 555 | 4
0.040 132 0.100 | -1258 | 2152 0164 | 0074 [i] 1,782 -40 0.028 245 | 4
0.042 1.08 0.072 | -15.03 -208 0164 | 0074 0 1,738 -51 0.029 134 4
0.044 0.79 0.043 | 1369 1,641 0164 | 0074 0 1,732 =40 £.023 4.76 4
0.046 0.53 0.020 | -8.93 3115 0164 | 0074 0 1,78 -19 £H.011 §.82 4
0.048 0.26 0.008 | -2.11 3,709 0164 | 0074 0 17382 5 0.003 6.06 4
0.050 000 0.011 4.85 3,254 0164 | 0074 0 1,732 27 0.015 5.36 4

For the numerical integration, refer to Table 11.6.

The positive peak deflectionis att=0.012 s,
Y = 10.164 in (4.2 mm)



The rebound peak deflection is at t = 0.048 s,
V. = 10.008 in (0.2 mm)

The selected rebound peak is the first to occur after dissipation of the applied load.

TN T Support rotation, (Figme 3.9}
B = arctan (Ve ! 0.5L) = arctan [(0.164 in) / (0.5026 in)] =0.20° <&, OK

roof slab ntemction {Equation 7.2}
[Aa ! A’ + [Ba/ Aog™= [(0:54) / (1.3))i" +[(0.20) / {1.0)] 55" = 0.21 < 1.0, OK

maximum demand ¢ pemmissible = 054, USE roof slab/diaphrasm a8 assutmed.

NOTE: Reduction in roof slab/diaphragm proportions in order to achieve a higher ratio would be
restricted by the need for a workable dimension between top and bottom reinforcing layers, and by
minimum flexural steel code requirements.



11.8 ROOF BEAMS

Each interior roof beam supports a roof slab width of 8 feet (2438 mm).

The roofbeam is connected to the roofslab to prevent separation during rebound. In this case, the
connection is to be designed to prevent composite action between the roof'slab and the roof' beam.

NOTE: Because composite action greatly increases the bending capacity while not increasing the
beam’s shear capacity, neglecting this effect could be very unconservative.

span, L= 18 feet or 216 in (5,486 mm), pinned connections at each end

beam spacing, 8.0 feet or 96 in (2,438 mm)



11.8.1 Load Case A (perpendicular to span of beam)

from the Chapter 3 Appendix caleulation,
P, = 6 psi (41 kPa)

Qo = 0.8 psi (6 kPa)

L= 0053

Ca=-04

Ly =792 in {20,117 mum)

The blast loaded area tributary to a roof beam is the span of 216 in (5,486 mm) by the beam spacing
0f96 in (2,438 mm).

L, = spacing = 96 in (2,438 mm)

equivalent load coefficient, (Figure 3.9}
L ¢ Lo = (792in) / (96 in) = §.25, therefore Ce= 0.9

equivalent peak overpressure, {Equation 3.11}
P, =Ty Py + T qp = (09N 6 psi) + (04008 psi) = 5.1 psi (352 kPa)

equivalent peak load,
Fo = (FuLWspacing) = (5.1 psij2 16 in} 96 in) A 1,000 th'k) = 1058 kips (471 kM)

rise time,
L= LU= (8 iWl1312 fi's)= 00063



11.8.2 Load Case B (parallel to span of beam)
L, =L =216 in (5,486 mm)

equivalent load coefficient, (Figure 3.9)
Lo /Ly = (792 in}y [ {216 in) = 3.7, therefore C. = 0.85

equivalent peak overpressure, {Equation 3.11)
Pa= Ce Poo + Caggo = (D.BSN6 psi) + (-0.£)H 0.8 pai}= 4.78 psi (33.0 kPa)

equivalent peak load,
Fo= (P.ML}spacing) = (£.78 psi}216 in}(96 in) 41,000 k)= 991 kips (441 kN)

rise time,

=LU={18 fi)(1,312 fi's) = D.014 5
tiine of duration,

Ly=0.053



11.8.3 Trial Size W14x26 (AISC Manual)

beam depth, d = 13.9 i (353 mm) flange width/thickness, by2t= &
508

web thickness, t. = 0.255 in (6,47 mm) web depthihickness, hile = s =

48.1

radiug of gyration, t, = 1.08 in (274 mm)
moment of inertia, I = 245 in* (101 :‘?T-'ﬁ:’.-'{ﬂ}ﬁmm‘*}
plastic modulus, Zx = 40,2 in’ (658,760 mam ™}



11.8.4 Compute Bending Resistance

for dynamic bending, {(Appendix 3.A4)
Fa = Fay = (SIFYDIF) Fy = (LIN1.19) 50ksi = 65.5 ksi (452 MPa)

Because roof beams are considered secondary members, width-thickness ratios do not need to meet
AISC seismic requirements.

check flange, (ATISC 360, Table B4.1)
A =038 1'n'l':s.-'i-'lk « .38 ﬂ'{?@,{hﬂﬂksi};{ﬁi.i ksi) = 8.00 = A;, OK

check web, (AISC 360, Table B4.1)
b =3.76 ,JE,F, =3.76 (29,000 ksi)(65.5ksi) =79.1 > As, OK

roofbeam is continuously braced from concrete roof slab, unbraced length is OK

motmant Capacity, (AISC 360, Equation F2-1)
My = Zo(Fag) = (402 'mg]{frﬁ.i ksi)y= 2,633 k-in (297 489 KN-mm)

Re =8 (Mp) /L = 8 {2,633 k-in} / (216 in) = 97.5 kips (434 kM)



11.8.5 Compute Shear Resistance

for dynamic shear, {Appendin 5.A)

Fa = Fay= (SIF)YDIF) Fy = (1.1)(1.19) 50 ksi = 63 5 ksi (452 MPa)
because hit, <260, k, = 5 (AISC 360, Section G2.1)

check web slenderness criteria, {AISC360, Equation (i2-3)
=11 Jk, E/F, =11 1"15}{29:000 ksi){63.5 ksi) = 52 = hn, therefore Cy = 1.0

V, =06 (Fa HANLHC,) {(AISC 360, Section G2.1(a})
= 0.6 (65.5 ksiN13.9 in * 0.255 in)(1.0)
= 1393 kips (620 kN)

Ra=2Va=2(139.3 kips)= 278.6 kips (1,239 ki)



11.8.6 Resistance & Permissible Response
Because Ry <R, bending controls
positive resistance, R, = Ry, = 97.5 kips (434 kN)

rebound resistance, R . = -Ry = -97.5 kips (-434 kN)

allowable ductility ratio, p, = 3.0 {Table 5.B.2)

allowable support rotation, @, = 2.0° {Table 5.B.2)



11.8.7 Compute SDOF Equivalent System

static load = (beam weight) + (slab load)
= (0,026 kI 18 i) + (8 A 18 R)(0.075 ksf slab) + (0.025 ks dead load))
=0.5 kips + 144 kips = 149 kips (663 kN)

effective stiffness, (Table 6.1)
K, =384 E, I, /5L

= 384 (29,000 ksi}(245 in*) / (5H216 in)?

=541 kin (9.5 kNmm)

beam mass,

M= [(beam weight) + {ributary slab weight)]/ g
= [(0.5 kips) +(14.4 kips)] / (386 in/s")
0039 k-sin (00068 KN-5"mm)

becanse of the expected response, use an averape of values for By (Table 6.1)
elastic Ky =0.5/0.64 = 0.78

plastic Ko = 033 /0.5 =0.66

averape Ky = (0078 + 0.66) /2 =0.72

equivalant mass,
M, = (KM} = (07200039 k-gin) = 0,028 k-s7in (0.0049 kN-57mm)

period of vibration, (Equation 6 8)




11.8.8 Numerical Integration Solution (load case A)

Fo= 1058 kips (471 kN)
t, = 0.006 5
= 15 5 1058k

use time merement = 4,/ 10= 0014 3 Py T *
; -1 M 5

The calculated time increment of 0.014 seconds does not appear to be adequately short to properly
define the dynamic load. Thus an increment of half the rise time (0.003 s) is used.

NOTE: With a spreadsheet numerical integration, the time increment can quickly be varied in order
to provide a consistent response without an overly lengthy number of increments.

For the numerical integration, refer to Table 11.7.

The peak positive deflection is at t = 0.060 5,
¥eo = +2 430 in (62,0 mm)
=135 <y OK

The peak rebound deflection is att = 0,132 5,
Ve = 00015 it (-15.6 mim)
g = 069 < OF

TR SUpport rotation,
B3 = arctan (¥} / (0.5 L) = arctan [{2.439 in}/ (050216 in)] = 1.29° < @,, OK

TABLE 11.7: Roof Beam Numerical Integration
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11.8.9 Numerical Integration Solution (load case B)

Fo = 991 kips (441 kM)
L=0.0145
tg=0.055

91k

‘0014

0.064 =

TABLE 11.8: Roof Beam Numerical Integration
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use time increment =t, / 10 =0.014 s

The calculated time increment of 0.014 seconds does not appear to be adequately short to properly
define the dynamic load. Thus an increment of half the rise time (0.007 s) is used.

NOTE: With a spreadsheet numerical integration, the time increment can quickly be varied in order
to provide a consistent response without an overly lengthy number of increments.

For the numerical integration, refer to Table 11.8.

The peak positive deflection is at t = 0.063 s,

Y = 2.494 n (63.3 mm)
pg =138 <p, OK

The peak rebound deflection is at t = 0.140 s,

Ym- = -0.559 in (-14.2 mm)
pg.a=0.69 <p, OK

AN support rotation,

B = arctan (¥e) / (0.3 L)= arctan [(2.494 in) 7 (0.542161in)}]

{Figure 5.9)

1.32% <&, OK

maximum demand / permissible = 1,32 /2.0 = 066, USE roofbeatn as assumed.




11.9 ROOF BEAM CONNECTION

The roof beams connect to the girder web or column flange.

roof beam resistancea,
Ro=975kips (£4kN)

connection design load,
Ve = (Ru) /(2 beam ends)
= {97.5 kips) / (2 each) = 48.8 kips (217 kN)

try:

AISC Standard All-Bolted Shear Connaction
ASTM A323 bemring bolts, 3 rows

threads in shear plane

diameter, dy = 0.75 inch {19 min)

nominal shear strength, Fo, = 48 ksi (330 MPa)

netinal mthresded area,
Ay = midyP 4= m(0.75 i) /4= 0.4418in® (285 mm®)

(Section 11.8.6)

e,

SHEAR

{AISC 360, Table J3.2)



11.9.1 Bolt Shear Strength (beam to clip angle)

SIF {A325 High Strength Bolt) = 1.0 {conservative value)

DIF (4325 High Strength Bolt) = 1.03 {Section 3.5.4)
bolt shear strength,

Va = (SIF }DIF {Fav K AsNN)

(LOWLOSW48 ksiW0 4418 i.ﬂﬁ'j-[E sheat planes )3 bolts)
1336 kips (3943 kN)> V. OK

NOTE: The clip angle to girder connection uses twice the number of bolts in single shear and will not
control shear strength.



11.9.2 Clip Angle Shear Strength

The critical section is a vertical plane at the bolt centerline.

Try: L3338
length= 1.5 in+ 2(3 in} + 1.5 in = % in (229 mm)
ASTM Ad6 steel

pross section,
Ag = (2 anglesp33 in thickness 9 in, length) = 6.75 in* (4355 mm®)

bolt hole diameter, {AISC 360, Table J3.3, Section D3)
dy = (1316 in, nominal hole) +{1/16 in) = 0.875 in {22 mm)

net section at bolt holes,
Asy= (6,75 in’) - (2 angles)3 holes}(0.875 in, diameter) 38 in, thickness)
=478 in® (3,085 mm’)

for dvnamic shear, {Appendic 5.4)
Fg = (STFHDIENF ) = (1.1} 1.29%36 ksi} = 511 ksi (352 MPa})
Fa = (SIFNDIFWF ) = (1. L0138 ksi) = 70 ksi {483 MPa})

shear yielding strength, (AISC 360, Equation 14-3)
Vo = (06WFalAg) = (06)51.1 ksif6.75 in®) = 207 kips (921 kN} = V,, OK

shear rupture strength, r {AISC 360, Equation 14-4)
Vo= (06HFaal Ane) = (06070 ksi M. 78 i) = 201 kips (893 kN) = Vo, OK



11.9.3 Clip Angle Bearing Strength

clear distance between holes,
Le= (1 bolt)f(1.5 i, edps) - OS(0.8T5 in holz )]
(2 each)[(3 in, spacing) - (0.875 in, hole)]= 531 in (135 mm)

bearing strength, [AISC 360, Equation J3-6a)
Ve =min of L2(L WL NF e or 2800 WL WF 2)
=it of L2(3.31 mK3/8 in = 2 each)(70 ksi)
or 240,75 mx 3 each3/8 in * 2 each 70 ksi}
<min of 334 kips or 283 kips = 283 kips (L2538 kN) = WV, OK



11.9.4 Beam Shear Strength

The critical section is a vertical plane at the bolt centerline.

Wi4n2a properties, {AISC Manual)
depth, d = 13.9in {353 mm)
web thickness, L, = 0255 i (6.5 mam)

gross section, assuming beam flange s coped 1.25 in (32 mm),
Ag= (0255 n)[(13.9in) -(1.23 in)] = 3.23 in® (2,084 mm®)

niel saction at bolt holes,
A= (323 in) - (3 holes)(0.875 in, diame et W0.255 in, thickness)
=256 in" (1,590 mm’)
for dynamic shear, {Appendix 5.4)

Fay = (SIENDIFNE,) = (1.1}(1.19450 ksi) = 65 ksi (448 MPa)
Fau = (SIFNDIFKF.) = (1.1 1.05K65 ksi} = 75 ksi (517 MPa)

weh shear vielding strength, (AISC 360, Equation J£-3)
Vo= 0.6(Fg WA )= 0.6{65 ksi}3.23 in®) = 126 kips (560 kN)= V,, OK

web shear mptune strength, . (AISC 360, Equation J4-£)
Vo= 06 Fal Aw)=0.6{75 ksi}2.56 'm*} = 115 kips {312 kN} >V, OK



11.9.5 Beam Bearing Strength

clear distance betweaen holes,
o= (I bolt)[(3 in edpe) - (1.25 in, cope) - 0.5(0.8735 in hola)]
{2 bols)[(3 in spacing) - (0875 in hole)] = 356 in (141 mm)

web bearing strength, (ATISC 360, Equation J3-6a)
Vo = min of L2L Nt Fa) 0r 2.4 de 1 HF o)
min of 1.2{3.56 in}{0.255 in){ 73 ksi) or 2.40.75 in x 3 each0.255 in} 73 ksi)
min of 127 kips or 103 kips = 103 kips (458 kN) =V, OK

NOTE: Beam and girder web thicknesses are greater and will not control bearing strength.

NOTE: For brevity, other failure modes such as block shear failure are omitted.



11.10 ROOF GIRDERS

The roof girders are simply supported at both ends with loads from roof beams applied at quarter
points.

The roof girder is connected to the roof'slab to prevent separation during rebound. In this case, the
connection is to be designed to prevent composite action between the roof'slab and the roof girder.

NOTE: Because composite action greatly increases the bending capacity while not increasing the
beam’s shear capacity, neglecting this effect could be very unconservative.

span, L= 32 ft, or 384 in (9,754 mm), pinned connections at each end

girder spacing, L, = 18 ft, or 216 in (5,486 mm)



11.10.1 Load Case A (parallel to span of girder)

from the Chapter 3 Appendix calculation,
P, =6 psi(41 kPa)

q, = 0.8 psi (6 kPa)

ty=0.05s

Ca=-0.4
L. =792 in {20,117 mm)

The blast loaded area tributary to the roof girder is the girder span of 384 in (9,754 mm) by the
girder spacing of 216 in (5,486 mm).
L; =L = 38%in (9,754 mm)

equivalent load coefficient, (Figure 3.9)
Lo/ Lo= {792 in} /(384 in) = 2.1, therefore Ce= 0.7

equivalent peak overpressure, {Equation 3.11)
Pi= 0 P+ Caqe = (076 psi) + (-0 AN psi) = 388 psi (26.8 kPa)

equivalent peak load,
Fo= (P.MLNL, )= (388 psi ) 384 in}(216 in) /(1,000 k)= 321 8 kips (1,431 kN)

rise time,
= Lo/ (32 fA(1,312 fi's) = 0024 5

tiinee of duration,
tg=0.053



11.10.2 Load Case B (perpendicular to span of girder)
Li = 5= 216 in (5,486 mm)

equivalent load coefficient, {Figure 3.9}
Lo/ Ly = (792 in)/ (216 in) = 3.7, therefore C, = 0.83

equivalent peak overpressure, {Equation 3.11}
Py= Ce Poo+ Ca go = (0856 psi) + (-0.4) 0.8 pai}= 4.78 psi (33.0 kPa)

equivalent peak load,
Fos (PaWLWLs )= (4.78 psi 384 in} 216 in) /(1,000 k)= 396.5 kips (1,764 kN)

rise time,
=L /M= {181,312 ft's) = 0.014 5

time of duration,
ta= 0.05 3



11.10.3 Trial Size W21x147 (AISC Manual)

beatn depth, d = 22.1 m (561 mm) flange width/hickness, b2 ;= ky = 544
web thickness, te = 0.72 in (18 mim) web depthithickness, hite = de = 26.1

radius of gyation, r, = 295 in (75 mm}
moment of inertia, I = 3,630 in* (1,510,920,000 mm*)
plastic modulus, £y = 373 in’* (6,112,375 mm’]-



11.10.4 Compute Bending Resistance

for dwnamic bending, {Appendix 5.A)
Fas = Fay= (SIFNDIF) Fy = (L1N1.19) 30 ksi = 655 ksi (452 MPa)

Because girders are considered primary members, width-thickness ratios need to meet AISC
seismic requirements.

check flange, {AISC 341, Table I-8-1})
A,=03 JEF, 'D.].,Jn'{?‘},{l-m ksi)/(65.5 ksi) = 6.31 = &y OK

cheek web, {AISC 341, Table 1-8-1)
Jge= 245 JE,F, = 2.45.[(29,000 ksi)'(65.5ksi) = 51.6 > ke, OK

unbraced length for plastic design, (AISC 360, Equation F2-3)
L= 1.761,,JE_/F,
= 1.76(2.95 in) +/(29,000 ksi}(65.5 ksi)
109 in {2,768 mm)< L, OK

mormEnt capacity, ) (AISC 360, Equation F2-1)
M= Z (Fg)=(373 in"}{frﬁ.ﬁ ksi)= 24431 k4n (2,760,331 kKN-mm}

Ro=8 (M) /L = 8 (24,431 kein) / (384 in) = 509 kips (2,264 kN)



11.10.5 Compute Shear Resistance

for dwnamic shear, {Appendix 5.A)
Fe = Fay= (SIFYDIF) Fy = (L 1}1.19) 30 ksi= 65 5ksi (452 MPa)
Vo = 0.6 (FaHdNt=HCv} (AISC 360, Section G2.1{a))
0.6 (655 ksif22.1 in* 0.72 in}1.0)
=625 kips (2,780 kM)

Ro=2 Va=2 (625 kips) = 1,250 kips (5,560 k)



11.10.6 Resistance & Permissible Response
Because Ry, <R, bending controls
positive resistance, R, = Ry = 509 kips (2,264 kN)

rebound resistance, R, = -Ry, = -509 kips (-2,264 kN)

allowable ductility ratio, g, = 1.5 {Table 5.B.2)

allowable support rotation, 8, = 1.07 {Table 5. B.2)



11.10.7 Compute SDOF Equivalent System

static load = {girder weight) + (beam weight) + (slab load)
= (0L 14T RIPW32 fi)+ 300,026 kIS &)
+ (32 W18 (0,075 ksf slab} + (0.025 ks dead load)]
=& T kips+ 1.4 kips + 537.6 kips = 63.7 kips (283 kN)

Table 6.1 does not include a case for three point loads. In lieu of a derivation of the needed values,
the stiffhess and transformation factors for uniform loading will be used as an approximation.

effective stifhess, ; (Table 6.1}
K. =384 EI,/5L°

384 (20,000 ksii 3,630 in") / (51384 in)’

1428 kin (25.0 kKN/mm)

beatn mass,
M = [{girder weight) + (beam weight) + (tributary slab weight)] £ g
= [{4.7 kipa) + {1 .4 kips) + {576 kips)] / (386 s’}
0,165 k-gin  (0.0289 kN-g"/mim)

Because of the expected response, use an average of values for Ko (Table 6.1)
elastic Kisy =05/ 0.64 = 078

plastic Koy = 0.33 / 0.5 =066

averape Ky = (0078 + 0.66) /2 =072

equivalent mass,
: z z
M. = (KM} = (072H0.165 k-aﬂ'in} =119 k-5 /in {0.0208 kKN-5 fmim)
pericd of vibration, (Eqguation 6.8)
L=2n /M /K =2n \,'rﬂ}.l 19k-sin)/ 1428 k/in) = 0,181 5



11.10.8 Numerical Integration Solution (load case A)

Fo= 3218 kips (1,431 kN)
=004

e 3218k
ALER |
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TABLE 11.9: Roof Girder Numerical Integration
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The calculated time increment 0of' 0.018 seconds does not appear to be adequately short to properly
define the dynamic load. Thus an increment of half the rise time (0.012 s) is used.

NOTE: With a spreadsheet numerical integration, the time increment can quickly be varied in order
to provide a consistent response without an overly lengthy number of increments.

For the numerical integration, refer to Table 11.9.

The peak positive deflection is at t = 0.084 s,
Y = 12.886 In (73.3 mm)

pg = 0.81 <p,, OK

The peak rebound deflectionis att=0.168 s,
Y. = -2.038 in (-61.3 mm)
pg. = 0.57 <p,, OK



11.10.9 Numerical Integration Solution (load case B)

Fo = 396.5 kips (1,764 KN} otk
t=00]4s
Jiaillot 00145 0.064s
TABLE 11.10: Roof Girder Numerical Integration
|Anaivolo Cage Degcripion: | Chaplar 11, Soction 111009, roof girdes. case B
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019 000 0231 [ S442 250 3564 | -35684 0 4,714 | 6,539 | D648 4.53 []
[N [ili1] 0418 | 8080 1,036 3564 | 3584 [} 4.744 | 8,790 | 0548 977 4
0133 000 1016 [ 8092 1.754 3.564 | 35684 [1] 4,714 | -T.546 | -0.513 1443 4
0. 140 i) 1529 | 5569 2370 3564 | 3584 ] 14,714 | 5,855 | 0358 1835 4
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use time increment =t, /10 =0.018 s

The calculated time increment of 0.018 seconds does not appear to be adequately short to properly
define the dynamic load. Thus an increment of half the rise time (0.007 s) is used.

NOTE: With a spreadsheet numerical integration, the time increment can quickly be varied in order
to provide a consistent response without an overly lengthy number of increments.

For the numerical integration, refer to Table 11.10.
The peak positive deflection is at t = 0.070 s,

Y = 13.184 in (80.9 mm)

pg=0.89 <p,, OK

The peak rebound deflection is at t=0.161 s,

Vi = -2.293 n (57.0 mm)

pg. = 0.64 <p,, OK



maximmm support rotation, (Figure 5.9}
B = arctan (va) /(0.5 L) = arctan [(3. 184 in) /(0.5 * 384 in)] = 0.95% < &, OK

maximum demand / permissible = 095/ 1.0 = 095 USE assnmed girder size




11.11 ROOF GIRDER CONNECTION

The roof girders connect to the column flange.

The roof girders connect o the column flange.

[Fa]

roof beam resistance, ; E"T "’ﬁ.ﬂm:” (Section 11.10.6)
R, =509 kips {2,264 kN) = "i ::'
connection design load, MI: =27 et
W = (Ra) / {2 beam ends) el B

“ (509 kips} /(2 each) B, TR

«255kips  (LI34kN) F”F 1 _I:a
lry: i
AISC Standard Welded/Bolted Shear Connection 1 o
ASTM A323 bearing bolts, 6 rows E
thieads in shear plans
diameter, ds, = 0875 inch (22 mm)
bolt nominal shear stress, Fee = 48 ksi (330 MPa) (AISC 360, Table J3.2)

nominal mthreaded area,
A= el £ 4= w0875 it 42 - 06013 in® (388 mm?)



11.11.1 Bolt Shear Strength (clip angle to column)

SIF {A325 High Strength Bolt) = 1.0 {conservative value)

DIF (A325 High Strength Bolt) = 1.05 {Section 5.5.4)
bolt shear strength,

Vo = (SIFNDIFHF ew HAHTN)

< (LO)1.05)(48 ksip(D.6013 in”)( 1 shear plane)(12 bolts)
363 kips (1,617 kN) =V, OK



11.11.2 Weld Strength (girder to clip angle) (Blodgett, Section 5.4.3)

try:
38 in (9.5 mm) fillet weld
EF0XX electrode, Frxy = 70 ksi (483 MPa)

4 in (100 mm) angle leg is outstanding, L = £ in (102 mm)

horizontal weld leg length,
Le = (4 in, angle) - (0.5 in, set back) = 3.3 in (3% mm})

wartical weld lag lenath,
L, = L5 in (2 ends) + (3 in}(3 spaces) = 18 in (457 mm)

horezontal weld center,
T --Lz.1 f2b+ Ly)y=(3.5 'm}2 S23.5in) + I8 in] = 0.4%in (12 mm)

horizontal weld eccentricity,
O = Ly - e = (3.5 in) - (049 in} = 3.01 in (76 mm)

wartical weld sccentricity,
o= Lo d 2= (18in)/ 2 =% in (229 mm)

pnbr monent of inmi::,
“ [2Le +L.J* 12 - Lo’ (Lo +L,J / [2Ls + L]
[3[3:-m3) + 18 inf /12 - (3.5 in)* [3.5in 4 18 in]*/[2(3.5 in) + 18 in]
< 1076 in’ (17,632,481 mm’)

torsional horizontal sheatr,

fa = Vo (L - 0.}/ 2{1:)
= {235 k{4 in - 0.49 i} in) / 2(1.076 'm"}
= 3.74 Kin {063 kKN/mm)

oS 'mcn wertical shear,
Fa =V (L - nNew) f 2(15)
= (255 k){4 in - 0.49 in)(3.01in) / 2(1,076 in*)
= 1.25 kfin (0.22 kMN/mm)
direct shear,
fi2 = Vo ! 2[20g o+ L] = (255 k) 2[2(3.5 in) + 18 in] = 5.10 k/in (0,89 kNmm)
resultant,
R, = \,I'r,,f H(E, +6,F =374 KinF +(1.25 k/in +5.10 kfin)®
=7.59 Kin (1.33 kKN/mm)

5IF (Weld)= 1.0 (conservative)
DIF (Weld)= 1.05 (Section 5.5.4)

weld capacity,

R = 0.0 SIF K DIF W FexaM Aw)
= 06 L0 LOSHT0 ksi 0375 inj0.707)
= 11.7 kfin (2.39 kN/mm ) > R.. OK



11.11.3 Clip Angle Shear Strength

The critical section is a vertical plane at the bolt centerline.

Try:

L4x3 5205

length= 1.5 in+ 2(3in)+ 1.5 in = 18 in ($57 mm)
ASTM A36 steel

Lross section
“ (2 ang .5 in, thickness i1, thy = 180 in A3 mm
(2 angles L5 in, thick (18 in, bength) = 18.0 in® (11,613 mm®)

bolt hole diameter, {AISC 360, Table J3.3, Section D3)
dy = (15/16 in, nominal hole)+ {1716 in) = 1.0/in (25 mm)

net section, .
Ay = (18.0in%) - (2 angles k6 holes) 1.0 in, diametar (0.5 in, thickness)
= 120i0° {7,742 mm®)

fior dynamic shear,
Fay = (SIFHDIFNF,) = (1.1 129036 ksi) = 51.1 ksi (352 MPa) (Appendin 5.4)
Fa, = (SIF)DIFWF ) = (LI} 1.1)58 ksi} = TOksi (483 MPa)

shear vielding strength, (AISC 360, Equation J4-3)
Ve = (06N FayWAg) = (060311 ksi)(18.0 in) = 552 kKips (2455 kN1 = V,, OK

shear rupture strength, (AISC 360, Equation J4-£)
Va = (0LONF g WAy} = (06070 ks 12.0 i.ni} < 504 Kips (2,242 kN) = V., OK



11.11.4 Clip Angle Bearing Strength

clear distance between holes,
L. = (1 bolt)[(1.5 in, adge)- 0.5(1.0 ity hole)|
{5 bolts }[{3 in, spacing) - (L0 in, hole)] = LLO in (279 mm)

bearing strength, (AISC 360, Equation J3-6a)
V, =min of | 2(L (LN Fad or 24N, HF a)
min of 1.2(11.0 n){0.5 in * 2 each)(70 ksi)
or 2.4(0.875 in x 6 each)(0.5 in * 2 each){70 ksi)
min of 924 kips or 882 kips = 882 kips (3,923 kN) > V., OK

NOTE: The column flange thickness is greater and will not control bearing strength.

NOTE: For brevity, other failure modes such as block shear failure are omitted.



11.12 COLUMNS

The column is pinned at both ends.

length, L= 12 f, or 144 in (3,658 mm)



11.12.1 Load Case A (parallel to roof girder)
from the Chapter 3 Appendix calculation,

P, =6 psi(41 kPa)

q, = 0.8 psi (6 kPa)

ty=0.05s

Cq=-04

L, =792 in (20,117 mm)

The blast loaded area tributary to an interior column is the girder span, L= 384 in (9,754 mm) by
the girder spacing, L, = 216 in (5,486 mm).
Ly = L = 384 in (9,754 mm)

equivalent load coefficient, (Figur: 3.9}
Lo/ Ly = (792 in) /(384 in) = 2.1, therefore C,= 0.7

equivalent peak overpressure, {Equation 3.11})
Pi= Ce Poo+ Cago = (0.TH6 pai) + (-0 0.8 psi) = 3.88 psi (26.8 kPa)

equivalent peak load,
Fos= (PaWLWLs)= (388 psi}384 inj 216 in) /(1,000 k)= 3218 kips (1,431 kN)

rise tme,
=Ly /U= {32 {31312 ft's) = 0024 5

time of duration,
ta=0.053



11.12.2 Load Case B (parallel to roof beam)
Ly = L, = 216 in (5,486 mm)

equivalent load coefficient, (Figune: 3.9)
Lo/ Li= {792 in) /(216 in} = 3.7, therefore Ce=0.83

equivalent peak overpressure, {Equation 3.11}
Po= G P+ Ca g = (0856 psi) + (-0.4)0.8 pai}= 4.78 psi (33.0 kPa)

equivalent peak load,
Fo= (PafLNLs)= (4,78 psi N384 inp(216 i) /{1,000 'k} = 396.5 kips (1,764 kN)

rise time,
=L/ Ue (18 fN1,312 ft's) = 0014 5

time of duration,
g=0.055



11.12.3 Trial Size W10x77 (AISC Manual)

area, A = 22.6in° (14,581 mn®) flange width/hickness, bZty= Ay 5,86
radius of gyration, ry = 260 in (66 mm)  web depthithickness, bite = Ae = 14.8



11.12.4 Compute Compression Resistance

for dwnamic compression, {Appendix 5.A)
Fas = Fay= (SIFYDIF) Fy = (L1N1.12) 30 ksi = 6l.6ksi (425 MPa)

Because columns are considered primary members, width-thickness ratios need to meet AISC
seismic requirements.

check flange, (AISC 341, Table 1-81)
o= 0.3 JEF, =03 ,/(29,000 ksi)/(61 6 ksi) = 6.5> &y OK

check web, (AISC 341, Table I-8-1)
Bga= 1.49 JE/F, = 1.49.[(29,000 ksi)(61.6 ksi} = 223> hu, OK

slenderness ratio, (AISC 360, Section E2)
Ky L /ey = {LOW144 in) / (2.60 in) = 55 < 200, OK

de =471 JE/F, =4.71./(29,000 ksi){(61.6ksi) = 102 {AISC 360, Section E3)
Fo= T E / (K, L/1,)] = © (29,000 ksi) / 55 = 94.6 ksi (652 MPa)

compression stress (basad on Ky Lity < .?'.c'{, {AISC 360, Equation E3-2})
£ = (0.658) 75 T (F ) (0.658)°"° ™ (616 ksi) = 46 9ksi (323 MPa)

COMPIEs SN Capacity, {AISC 360, Equation E3-1)
P = A, (f2) = (2.6 if){46 9 ksi) = 1060 kips (4715 kN)



11.12.5 Compute Tension Resistance

for dvnamic tension, {Appendix 5.A)
Fg = Fap= (SIFYDIF) Fy = (L1} 1.12) 30 ksi= 61 6ksi (425 MPa)

tensile capacity, } (AISC 360, Equation D2-1)
Pu = As (Fa) = (22,60 616 ksi) = 1392 kips (6,192 kN)



11.12.6 Resistance & Permissible Response

positive resistance, R, = P, = 1,060 kips (4,635 kN)

rebound resistance, R,_=-P, = -1,392 kips (-6,192 kN)

Table 5.B.2 does not cover cases of pure compression. Conservatively use an elastic response.
allowable ductility ratio, p, = 1.0

allowable support rotation, 0, = not applicable due to lack of lateral deflection



11.12.7 Compute SDOF Equivalent System

roof'slab = (18 ft)(32 ft) [(0.075 ksfslab) + (0.025 ksf)] = 57.6 kips (256 kN)
beam weight = (4 ea) (0.026 klf) (18 ft) = 1.9 kips (8.5 kN)
girder weight = (0.147 kif) (32 ft) = 4.7 kips (20.9 kN)

column weight = (0.077 klf) (12 ft) / 2 = 0.46 kips (2.0 kN)

static load = (roof slab) + (beam) + (girder) + {column}
GTekR+{(19k)+(47k)+{(020 k)= 647 kips (288 kM)

stiffness, )
K=({AME:)/L=(22.6 ml]-[*ze:ﬂm ksi) /(144 in) = 4,551 Kfin (797 KN/mm)

ol mass,
M= [(roof) + (heam) + (girder) + (column)] /g )
[57.6 kips + 1.9 kips +4.7 kips + (.46 kips] / (386 'm.fs‘}

0.168 k-s*in  (0.029 kN-s*'mm)

The column is already a SDOF system, therefore no transformation factors will be applied.

period of vibration, {Equation 6.8}
L=2n MK =2x MI'{D.IﬁHk- s fin)(4,551 kfin) = 0.038 5




11.12.8 Numerical Integration Solution (load case A)

Fo= 3218 kips (1,431 KN}

k= 0.024 3 3215k
= 0.05 5
use lime increment = t, /10 = 0.0038, say 0.004 5 0024 5 007as

The calculated time increment of 0.004 seconds appears to be adequately short to properly define
the dynamic load.

TABLE 11.11: Column Numerical Integration
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For the numerical integration, refer to Table 11.11 .

The peak positive deflection is at t = 0.032 s,
Y = 10.116 n (2.9 mm)

pg=0.50 <p,, OK

The peak rebound deflection is at t = 0.088 s,
Y. = -0.032 in (0.1 mm)

pg=0.10 <p, OK



11.12.9 Numerical Integration Solution (load case B)

F, = 396.5 kips (1,764 kI)
t=0.014s 3965 k
=005

tirne incrament = L /10 = 00038 s "0.014 3 0.064 g

TABLE 11.12: Column Numerical Integration
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The calculated time increment of 0.0038 seconds does not appear to be adequately short to
properly define the dynamic load. Thus an increment of one quarter of the rise time (0.0035) is used.

NOTE: With a spreadsheet numerical integration, the time increment can quickly be varied in order
to provide a consistent response without an overly lengthy number of increments.

For the numerical integration, refer to Table 11.12.

The peak positive deflection is at t = 0.025 s,
Y = 10.160 in (4.1 mm)

pg = 0.69 <p,, OK

The peak rebound deflection is at t = 0.084 s,
Y. = -0.064 n (1.6 mm)
Hqg = 021 < Mg, OK

maximum demand / permissible = 0.69 / 1.0 = 0.69 USE assumed column size



11.13 COLUMN BASE PLATE AND ANCHOR BOLT DESIGN

A bolted base plate connects the column to the foundation.

column compiession resistancs,
R.= 32736 kips 2346 kNjatt= 00325

column Lension resistance,
Fo= 14923 kips (604 kN)at t= 0128 s




11.13.1 Anchor Bolt Design

iy
4 each 1.5 (38 mm) diameter bolts
ASTM ASOT, Fee =45 ksi (310 ksi)

SIF (A307 Anchor Bolt) = 1.0 {conservativa)
DIF (A307 Anchor Bolt) = 1.05

noaminal bolt area,
Av=m(l5in)P M= 1.77in° (1140 mm®)

bolt tensile sirength,

B = (SIFYDIFNF el As WM}
= {LON1.05)45 ksi)(1.77 in*}4 bolis)
=335 kips (1890 kN = R, OK

(AISC 360, Table 13.2)

(Section 5.5.4)

{AISC Manual, Tablz 7-18)

{AISC 360, Equation J3-1)



11.13.2 Base Plate Design

ry:

12 inch (305 mm) square plate
thickness, i, = LOin (23 mm)
ASTM A6 steel

for dynamic bending, {Appendin 5.4)
Fa, = Fap= (SIFNDIFNF )= (1.1}1 29)36 ksi) = 51. L ksi (352 kPa)

Column WIOXKTT, {AISC Manual)
d= 100 in (254 mm) b= 10.2 in {259 mm)

te =053 in (13.5 mm} = 087 in (22.1 mm})

Condition 1: Column Tension on Base Plate (AISC Guide)

select the appropriate equation from+2 by= 2 (102in) = 144 in>d = 10.0 in

[ Roged | (H923kN5in)(l0in)
VE[4® +2b,] Y(SL1ksi)[(10in)* +2(10.2in)’]

tp reqd ™= « 0,69 in =< t,, OK

Condition 2: Column Compression on Base Plate (AISC Manual, Page 14-4)

base plate dimensions,
M= By = 12 in {303 o}

my = [Ny - 095 4]/ 2 =12 in) - 0.95(106 in)] / 2 = 0.97 in (25 mm)
tiy = [By - 0.8 byl / 2= [(12 in) - 0.8(10.2 in))/ 2 = 1.92 in (49 mm)

n' = b, 4= J106nN102in) /4= 2.6 in (66mm)

conservatively using Py / P = 10

X = {4d)bg/ [d+ bf'} (P /Py
= L4010 i) 102 iny / [{10-in) + (10.2 in)]*} (1.0}
= 1.0

24X 241 _
- = =2 () == 1.0, therefore A= 1.0
?\hp |+;I—K I+JI—I
dpg ' = (LONW2.600) = 2.6 in (66 min)
L = largest of my, g, A tt' = 2.6 in (66 mm)
substituting R for Py,
l_— | — _I|
by =L | R o | ASITI6K)
VO(E,NB, NN, YOG T ksii2 )12 in)
=098 in (25 mim) <, OK

Condition 3: Column Compression on Foundation Pier {(ACT, Section 10.17)

Use 30 in (762 mm) square pier size for interior column

for comerate comprassion, {Appendix 5.A)
s = (STFWDIF W) = { LOW L 12H4,000 psi) = 4,480 psi (31.9 MPa)

Ay =(BgHN) = (12 in)(12 in) = 144 in® (92,903 mm’)
Az = (30 in)" = 900 in® (580,644 mm”)

bearing modification factor, {ACT 318, Section 10.17)
JA AL =(300in* )/ (144in*) = 2.5, there fore use maximim value of 2.0




concrete bearing strength, (ACI3IE, Section 1017}
Ra = (085NNl Ad) /A, 1A

= 083448 ksi) 144 i.nz){E.D}

= 1,097 kips (4,878 kN)=> R, OK



11.13.3 Column and Base Plate Weld Design

Ly

5/16 in (8 mm) fillet weld

E70 Electrode, Fx = 70 ksi (483 kPa)

SIF (Weld) = 1.0 (conservative)

DIF (Weld) = 1.05 {Section 5.5.4)

fiominal weld strength, {AISC 360, Table J2.5)
Fa = 0.6{SIFHDIFHF gy ) = 060 LOW LOSWTO ksi) = 441 ksi (304 MPa)

effactive weld ansa,

Aw = [(BiH4 sides) - (ta W2 sides) + (2 sides)d)] (weld size)}0.707)
= [(10.2 in}2 sides) - (0.52 )2 sides) +(2 sides) 10 in)] (5/16 mH0.707)
= 8,70 in® {5,610 mm®)

Fillet Weld Effective Strength {AISC 360, Equation J2-3)
Ro = (Fw){Aw) = (441 ksi)(8.7 in®) = 384 kips (1,708 kN) > Ra, OK

minimum weld size for 1 in (25 mm) base plate = 5716 in (8 mm AISC 360, Table J2.4)



11.14 FOUNDATION

The following design represents one way of handling a foundation for this situation. Other design
options might include a combination of vertical piles and passive resistance. The Equivalent- Static
Design Method will be used as described in Section 7.7.1.

Precast concrete piles will be used with an allowable compression force of 80 kips (356 kN) and an
allowable tension force of 50 kips (222 kN), both with a safety factor of 3 against ultimate capacity.

Because battered piles will resist all lateral forces without the need for passive soil pressure, a safety

factor of 1.2 may be used. Permissible blast capacities will be adjusted accordingly.

permissible compression,
P, = (80 kips) (3/1.2) = 200 kips (890 kN)

permissible tension,
Po= {50 kips)} {3/ 1.2)= 125 kips {336 kN}

Pile batter will be 3 horgontal o 12 vertical. 3

Lty . r = :
resultant axial dimension = /3" +12° 12.4 \\
12.4



11.14.1 Load Case A (applied to long side of building)

Several methods are available to determine peak loads for the static design of the foundation. Such
methods may be determined from the blast pressure applied to the building, the bending or shear
capacities of supported structural elements, or dynamic reactions of supported elements. In this
example, loads are determined based on the least of the applied load and the capacity of
components directly supported by the foundation.

applied peak reflected overpressure, (Appendix 3)

Vo= (13,8 psi)(12 ftheight}(92.67 ftwidth){144 / 1000 ksfipsi)
2210 kips (9831 kN)

from fromt wall capacity, (Section 11.4.7)
Vo= (21,44 kIEW92.67 feet) = 1987 kips (8,839 kN)

from roof slab (in-plans) capacity, (Section 11.5.6)
o 3,094 Kips (14,208 kN)

from side wall (ireplane) capacity, (Section 11.6.6)
Vo (L1113 kipsh2 walls) = 2,226 kips (9,902 kN)

from peak roof overpressure, (Appendix 3)
P= (51 psiN6a.67 ft * 92.67 i) (144 / 1000 ksifpsi) = 4,537 kips (20,182 kN

fromm roof (out-ofplans) capacity, (Section 11.7.6)
P={9.7 kips)66.67 ft * 92.67 ft) /(3 ft * 1 fi)= 7491 kips (33,322 kN)

from roof beam capacity, (Section 11.8.6)
P= {975 kips66.67 f1 = 92.67 fi) /(I8 1 * B i) = 4,183 kips (15,607 kN)

from girder capacity, (Section 11.10.6)
P = {509 kips jo6.67 it * 92.67 fi) /(32 L = 18 fi) = 5,460 kips (24,287 kN)

from column capacity, (Section 11.12.6)
P = {1,060 kKips66.67 ft * 92.67 ft) /(32 ft * 18 )= 11,370 kips (50,576 kN)

least lateral blast load = 1,987 kips (8,839 kN) from front wall capacity

least vertical blast load is 4,183 kips (18,607 kN) from roof beam capacity



11.14.2 Load Case B (applied to short side of building)

This case will not control.
|

91'- 10" (2,800 cm), 48 battered

A 21 sp @ 4'= 84' - 0" 3'%| "
71 122 cm = 2,562
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FIGURE 11.3: Foundation Plan




11.14.3 Layout

The floor slab will be designed to act as a diaphragm to evenly spread lateral forces to all piles
battered in the direction of loading (refer to Figure 11.3 ). For load distribution purposes, the
foundation is presumed infinitely stiff in comparison to the stiffness of piles in soil.



11.14.4 Lateral Load on Battered Piles
For loading case A (blast on long side of building), there are 48 pair of battered piles resisting blast
loads.

lateral component of batterad pile,
Bpowz = (L9987 K) /42 = 48 pair) = 20.7 kips (92 kN)

axial component of battered pile,
Ri=(207k}(12.4/3)=86kips (383 kM)



11.14.5 Front Wall Foundation
Analyze an 8 foot long (2,438 mm) section of wall with 4 piles.

§

o 1

= 1\
i |

"g‘ ' :'Ir !
i 6.53" {198 cin)
:"E, R pile cap T
) L L

FIGURE 11.4: Side Wall Elevation
Neglect any small eccentricities involving P, or the slab weight.

static load from concrate wall,

Py= wall weight + pile cap weight + soil weight + slabweight =538 kips (230 kN)

static load from steel column, Sect 11L.12.7)

pier weight + side column roof load
= 0.9 kips -+ {64.7 kips) /2
I3 kips (148 kM)

p! ETATIC

blast load on a side column,

Prpragt= (4183 K32 ft = 9 i) / (66.67 ft * 92.67 i) = 195 kips  (B6T kIN)

total load on a siwde column,
Pargrar = (333K) + (195 k)= 2283 kips (1,015 kN)

maximurn axial pile load,

Raax = (Rq) +({12.4 7 12) [Py + Pragrac] / (piles)
(B3 K+ (1247 12) [(33.8 k+ 228.3 k) /(4 ea)]
156 kips (694 kN) <P, OK

Because reinforcing is determined using conventional equations, the details of this procedure are
omitted for brevity.



11.14.6 Side Wall Foundation

N (number of piles) = 38

[* i
lpi rz "1l v

FIGURE 11.5: End Wall Elevation

distancs from centerling Lo outer pile,
o =65 10")/2=3292 1t

moment of inertia,
I En_‘:u*ﬂ-.,a]miﬁl.ﬂ.ﬂ-;;-s]1 }
(4 piles)(4 10"+ (8 1)+ (12)° + (16 8 + (20 ) + (24 1) + (28 )]
(B piles)(32,92 ity
17,630 0 (152.17 i)

corner coluwmn static load, (Section 11.12.7)
Pigmamc =647 kips ® (say 0.25) = 162 kips ({72 kN)

cornar column tributary blast foad,
Progoagr = (4,183 kW16 1 * 9 1) / (66.67 fL * 92.67 1) = 97.5 kips (434 kN)

cornar columni pier weight
Prpge = 0.9 kips (4.0 kN)

Prrorar = (162 k) + (975kk+ (0.9 k)= 1146 kips (510 kIN)

for side column, (use resulis from P, front wall cale)
Pararar = 2283 kips (101G KN)

side column weight of wall and pile cap, (detailed cale omitlad for brevity)
Powarn = 4T kips  (2,126kN)

Lateral blast load at roof,
W= (L926k)N6 ft * 66.67 f1) /(12 ft * 66.67 ft) = 963 kips {(4,2B4kN)



lateral blast load at floor,
Vo = (W) - (dbattered piles al shear walli Ryope)
(963 k) - (4 each)20.1 k)= BR3 kips {3928 kM)

total vertical downward load,

Pe = (2 eachWPy rorac) + (Prromac) +{Pywars)
= (2 cach114.6K) + (228.3 ) + (478 k)
=9355kips (4161 kN)

overlurning rmomant at top of piles,
M, = (Vi) (roof & Gl height) + (Vo) fidn height)
(963 K19 ) + (BRI KNT i) = 24478 k-1 (33,188 kN-m)

jrile masiium axial compression,

Bapax = By H[(Po /1) 4 (M ey ) ] (1247 12)
= (B6 K) + [{933.5 K) / (38 ea) + (24,478 f-k)32.92 ft) (17,630 *)] (12.4/12)
=139 kips (W07 kN) <P, OK

s axial tension,

Boaps =Ry + [{Ps /W) - (MiHe) )(12.4 7 12)
= (B6 k) + [{935.5 k) / (38 ea) - (24,478 f1-k) (3292 i) /(17,630 fLh] (12.4/12)
<o Kips (285 KN), no tension, OK

Because reinforcing is determined using conventional equations, the details of this procedure are
omitted for brevity.



11.14.7 Column Foundation

Individual column foundations consist of a pier, pile cap, and four vertical piles, N = 4

mmterior column static Toad,
Py =roof load weight of pier, pile cap, and soil
6.4 kips {251 kKN)

intarior column tribuiary blast load,
Pa= (4,183 kK32 1 ® 18 ft) / (66.67 il ® 92.67 1) = 390 kips (1,735 kN)

fnaxifium pile comprassion,

Faiax [Py +Pa2] /N
[(56.4 K) H{3H k)] /(£ ea)
IL6kips (496 kN)<P, OK

Because reinforcing is determmed using conventional equations, the details of this procedure are

omitted for brevity.
i
-

2.5 (76 cm) 'PI
sq pier = l

7 (213 cm)
sq pile cap

il

2'(6l cm) 5" (152 cm)

FIGURE 11.6: Column Foundation



CHAPTER 12
METAL BUILDING DESIGN EXAMPLE

12.1 INTRODUCTION

The following is a sample blast design for a control building using metal cladding, a structural steel
frame, and a spread footing type foundation. Because of the relatively thin metal cladding, this
building represents an example of neutral risk philosophy.

In this example, blast loads and dynamic properties are computed on a unit area basis in contrast to
Chapter 11 calculations.

Structural code provisions, as applicable, are from,
e AISC 360-05, Specification for Structural Steel Buildings

Additional references are,
¢ Biggs, Introduction to Structural Dynamics
e AISC Manual, AISC Manual of Steel Construction

For brevity, evaluation of conventional loads is not included in this example.

Design of blast doors are not included in this example.



12.2 STRUCTURAL SYSTEM

The structure in this example is of Metal Clad Construction as described in Section 4.3.3.



12.2.1 Description of Structure

One story metal frame/metal cladding.

Plan dimensions are 50 ft (15.2 m) by 100 ft (30.5 m).

Eave height is 16 ft (4.9 m).

Rigid frames across short dimension, 20 ft (6.1 m) spacing.

Braced frames on exterior walls, long dimension, 25 ft (7.6 m) spacing,
Metal deck roof over structural steel purlins at 5% slope.

Metal siding over structural steel girts.

Foundation consists of shallow spread footings.



12.2.2 Framing Plan
For the framing plan, refer to Figure 12.1.

For the wall elevation, refer to Figure 12.2.

(F @ ®& @ 6 @
5 sp (@ 20 f (6.1 m) = 100 ft (30.5 m)
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©

PLAN {roof purlins not shown)

g ‘: ,:

o

<

c[

-

ELEVATION (wall girts not shown)

FIGURE 12.1: Framing Plan and Elevation



12.2.3 Components for Blast Design

The metal building cladding will fail in flexure at a low overpressure unless girt spacings are low.
Tensile membrane response is possible; however, care must be paid to detailing to ensure that
membrane response can be achieved. Tension membrane response can also be exhibited by girts
and purlins. For this example problem, all elements will be designed for flexure.

Metal panels and girts along the long sides will load the main frames of the building. Loads on the
back wall will be ignored to maximize sidesway. Reactions from these members will be transferred to
the frame. Loads on the side walls will be resisted by braced frames in the end bays.

A preliminary design for each member will be accomplished through the use of required resistance
formulas then check for response to time dependent loads. Final design would require evaluation of
connections, bracing and other items which would prevent the members from reaching their plastic

capacity.
roof panel \rml' p.lri:'L]

wall — || \
pecel roof grder

wn]l“"/f' ‘H‘"“‘ exteror

girt column
floor slab
stem—__ |7 e
wall =< coluinin
— / foting

FIGURE 12.2: Wall Elevation

Determine required member sizes for:

Roof'deck

Wall panels (facing blast)
Purlins

Girts (facing blast)

Rigid frame (facing blast)
Braced frame

Spread footing

NNk WD =



12.2.4 General Solution Procedure

e N A o e

Determine dynamic material properties

Select trial sizes

Compute section properties

Compute SDOF properties (if applicable)

Compute response

Compare response to deformation limits

Revise section as required

Check secondary failure modes (shear, buckling, etc.)

Design connections for controlling reactions. (not included for brevity)



12.3 DESIGN DATA

12.3.1 Material Properties

for frame design:
Metal decking, Fy = 50 ksi (345 MPa)

Structural steel, Fy, = 36 ksi (248 MPa)

soil properties:

Stiff silty clay, allowable bearing (service load) = 2500 psf @ 2 ft (120 kPa @ 0.6 m)
Factor of Safety, FS = 2 (for conventional loads from soil report)

Cohesion = 1,010 psf(48.4 kPa)

Dry Unit Weight, y = 85 pcf (13.3 kN/m3)

Angle of internal friction = 22°

Coefficient of friction = 0.3

Active Earth Pressure Coeflicient: K, = 0.55

Passive Earth Pressure Coeflicient: K, = 1.8

Water Table at 15 ft (4.6 m) below grade



12.3.2 Dynamic Material Properties

Fas = Fay because of low permissible dynamic response, {Tables 5. A4 and 5.A.5)
Strength increase factors are from Table 5.A.1.

Dynamic increase factors are from Tables 5.A.2 and 5.A.3.

Material Fyor f° SIF |DIF||[Modulus of Elasticity, E

Metal decking (|50 ksi (345 MPa)|[1.21)| 1.1 ||29,000 ksi (200,000 MPa)

Structural Steel|36 ksi (248 MPa)|| 1.1 [[1.29([29,000 ksi (200,000 MPa)




12.3.3 Design Loads
Dead Load:

Roof mechanical = 5 psf (239 Pa)

The following are imitial estimates:

Roofdeck =3 psf {144 Pa) Wall siding = 2psi’ (96 Pa)
Roof framing = 3 psf (144 Pa) Wall framing = 4 pai’ (192 Pa)
Blast Load:

The design blast direction is parallel to the main frames. The long (front) wall receives a reflected
load. All other walls and roof receive side-on (free air) load. Free field blast wave parameters are
assumed to have been provided by others. Calculations for blast pressures on the building surfaces
are omitted for brevity (such a calculation is provided in the Chapter 3 appendix). The resulting blast
loads indicated in the following figures represent a far range (low pressure) load.

2.4 psi 1.2 psi +—p

A< ] =
il 4 ms 54 ms

Front Wall Load Roof Load




12.3.4 Building Performance Requirements - Deformation Limits

Damage level = Medium, reference Appendix 5.B.

Element Support Rotation, 0, |Ductility Ratio, p,
Roof decking 2° 3

Wall decking 2° 3

Purlins 6° 10

Girts 6° 10

Rigid frames 1.5° 2

Braced frames 1.5° 2

Maximum Sidesway at Eave, (Table 5.B.2)

Xo=By/35=(16fR*12)/35=55in (14cm)



12.4 ROOF DECKING

Worst case span is exterior, fixed-pinned boundary conditions. To add the effects of dead load to
SDOF calculations, each pressure-time pair will be increased by the magnitude of the dead load and
the initial displacement will be set equal to the dead load deflection. This will create a balanced
condition at the start of the SDOF response calculation (refer to the pre-load discussion in Section
7.2.5).

Treat the roof deck as a 1 inch (2.5 cm) wide, one-way strip.
Response limits: 8, =27, p, =3

Dead Load, (mitial gosss)
DL =3 psf, or 0,02 psi (0. 14 kPa)

Blast Load,
BL=12psi (827 kPa)

Impulse,
L= (1.2 psii54 ms) /2 = 32 psi-ms (223 kPa-ms)



12.4.1 Dynamic Material Properties

for dvnamic bending and shear, {Appendix 5.A)
Fa = Fap= (SIFNDIF) Fy= (L2130 1.1} 50 ksi = 66.5 ksi (459 MPa)



12.4.2 Calculate a Trial Size
Try 4 ft purlin spacing, L= 4 ft or 48 in (122 cm)
Let the ductility demand equal the limiting value, py = p, =3

As an mitial guess, let T =ty /t, = 3 (in the dynamic range of response)

load! resistance ratio, {Equation 6.11)
JR -T2 -in Wf203)-1 . @(3)-1)3

: t : — = (). 9]
T 2, (40T o 3} 23W3+0.7)

Fo! Ra

pak load, Fo=BL +DL = 1 2psi+ 0.02 psi= 122 psi  (8.41 kPa)

resislance,
Fo=Fo /091 ={1.22 psi}/0.9] = 134 psi (9.22kPa)

effective ultimate momeant, from Be= £ (Mg + 2 M} /L (Table 6.3)
My=R,L/12={13Mpsi*4Bin* Lin}48 in) /12 =257 in-lb (2,904 kMN-cm)

ultimmate moment, {Section 3.44)
M= M,/ 0.9= (257 in-lb) / 0.9 = 286 inth (3,231 kN-cm)

section maodulus,

S, = M,/ Fa = (286 in-Ib) / (66,500 pei} = 0.0043 in® (0.070 em®)

NOTE: The section modulus, S ,, is used to compute the moment capacity instead of the plastic
section modulus, Z,, mainly because section modulus values are readily available. The difference is
minor due to relatively low response and due to capacity reductions from buckling of the thin web.

Select panel type and thickness from vendor catalog,
“R” panel, thickness = 24 gage

Weight = 1.25 psf(0.06 kPa)

I = 0.0548 in*/ft = 0.0046 in*/in (0.075 cm*/cm)

S, = 0.0573 in*/ft = 0.0048 in*/in (0.031 cm’/cm)
A, =0.310 in?/ft = 0.0258 in*/in (0.066 cm’/cm)

Perform a detailed check of this section




12.4.3 Compute Section Properties

effective moment capacity, {Section 5.4.4)
M, = 0.9 ({5 Fs) = 0.9 (0.0043 in} (66,500 psi) = 287 in-lb (3,243 kN-cm)

shear capacity,
Vo= 0.55 (A NFa) = 0.55 (0.0258 in")}(66,500 psi) =945 1b (4.2 kN)



12.4.4 Compute SDOF Properties

ultimate resistance, from By = 4 (Mg + 2 M)/ L (Table 6.3)
Ro= 12 (Mp) /L= 120287 in-1b) / (48 in)= 72 Th, or 1.50psi (103 kPa)

The numerical integration in this example uses a trilinear resistance-deflection curve, thus several
additional values are needed:

elastic stiffness, (Table 6.3)
K =185EL/L’

1BS (29,000,000 psip 000460 in’) / (48 i.n}?"

223 Ibfin, or 465 psifin  {12.62 kPa/cm)

first vield deflection,
y=R /K= (1 psi)/ (465 psifin} = 022 in (056 cm)

clasto-plastic stilffess, (after first yviskd) {Table 6.3)
K =3R4 E I,/ 5L} .

384 (29,000,000 psif 00046 in*} 5 (48 in)’

93 Ihin, or 193 pasivin (5.27 kPa/‘cm)

final vield deflection,

¥op = (Ru-R) /Kt y
< (1.49 pai- 1 psi)/ (0.94 psifing + D215 in
=047 in (1.19 cm)

Compute the effective "bilinear" elastic stiffness and deflection to determine the natural period,
ductility ratios, and hinge rotations.

effective "bilinear” elastic stiffess,

Ke =160 B I /L?
160 (29,000,000 psip 0. 0046 'm'*} {48 i.n}?'
193 Ibin, or 402 psifin {10.91 kPa/cm)

{Biggs, Table 5.3)

effective elastic vield deflection,
yo R/ Ko = (149 psi) / (4.02 psifin) = 0.37in  (0.94 cm)

weight = .25 paf (0,083 ft width)4 f tength) = 0217 Th, or 0.009 psi  (0.062 kPa)

1asE,
M =weight/ g

(0417 Ib) £ (386 in's™)

0.00108 Tb-s™/in, or 22.5 psi-ms¥in  (61.1 kPa-mscm)

load - mass factors, (Table 6.3)
elasgtic, Ky = (0.45) 7/ (0.58) = 0.78

elastoeplastic, Koy = (00500 /(0.64)= 0.78

plastic, Kose = (0.33) /(0.50) = 0.66

use ah averape value, Kpg= (0784 0.78)/2 + 066] /2 =072

equivalent mass, ) ) ;
M, = Ky (M= 0.72 (22,5 psicms™in) = 16.2 psims™in  (44.0 kPa-ms*/cm)

natural period: {Equation 6.8)
=27 /M /K, =27 .u"{lﬁz psi-ms® find/ (402 psifin) =12.6 ms

12.4.5 Compute Response (chart solution)

NOTE: Both charts and numerical integration need not be used, but are presented in this sample
design to illustrate implementation.

In order to use Figure 6.6, an instantaneous load rise must be assumed.



e/ e = (34 ms} (126 ms) = 43 (3.0 was originally assumed)
Ro/Fo= {15 psi}/ (L.2psi)= 1.25

Using these values, pg = 2 (Figurs 6.6}

e iruwm deformation,
¥en = (b (¥e) = (2 (037 in)= 0.74 in  {1.B8 cm)

support rotation, (Figurz 39)
By = arctan {ve / 05 L) =arctan [(0.742 in) A (0.5N481n)] = 1L.B® <27, OK

NOTE: 0.5 Lis used even for nonsymmetric boundary conditions.

12.4.6 Compute Response (numerical integration solution)

dead load deformation,
ya=DL /K ={0.00% psi) / (4.65 psiin) = 0.002 in  (0.005 cm)

NOTE: Ordinarily a dead load this low would be insignificant, however this load will be included in
order to illustrate implementation.

time increment =t , / 10 =12.6 ms / 10 = 1.0 ms, use 0.4 ms to obtain at least 10 increments of

loading in the first section of the pressure-time history.

pinnad end reaction, fixed end reaction,
elastic, Vp =026R +0.12F elastic, V= 0.43R +0.19F
plastic, Vi, = 039R, + 0. 11F - ML plastic, V= 0.39R,, + 0.1 1F + ML

NOTE: M,/L= (287 in-b)/(48 in) = 6 Ib (27 N)

Roof Deck Analyeils, 1.25 psf dead leoad

Equiv. Elastic Displac. = 3.731lE-01 Max Force = 1,Z0%E+00
Max Displacement - &.&00E-01 Min Force = HB.GE0E-D3
Min Displacement = =2.004E-032 Max Reslstance = 1.S00E+00

Time of Max Displacemsnt - 1.0B0E+01 Min Resistance = -4.435E-01

Time of Min Diaplacemsnt - 1.000E-01 Max Shear A = B.805E-01

MJ = 1.T63E+00 Min Shear A = -1.EBE3E-01
Max Shear BE = 5.261E-01
Min Shear B = -1.142E-41

05 2
Load 15
08 - =
) 1r &
=
o
H o
£ 04 Las E
3 i
L] ]
™ =+
. B =
b ¥ %
a2 -
R«. 'm o - 45
- Displacement eslstance
a 1 1 1 1 1 -1
a 10 20 30 40 50 &0
Time {ms)

FIGURE 12.3: Roof Deck Numerical Integration

The positive peak deflection is y,, = 0.66 in (1.68 cm) att = 10.8 ms

The positive peak reaction is 20.6 Ib/in (36.1 N/cm) at t = 10.8 ms



The peak rebound reaction is 10.6 Ib/in (18.6 N/cm) at t = 54 ms

NOTE: The peak rebound reaction occurs after a number of cycles, and after the blast load
disappears.

ductility,
fra = (¥} { (¥e) = (0.66 i)/ (037 in) = 1B

support rotation, (Figurs 58}
By = arctan (Ve / 03 L) = arctan [(0.66 i)/ (0.5048 in)] = 1.6°



12.4.7 Compare Response to Deformation Limits
8;=16°<2° OK

pa=l18=<3 QK Response [s Adequate



12.4.8 Revise section as required

A revision is not necessary.

12.4.9 Check Secondary Failure Modes (in this case, shear)

reactlion al ultimate resistance,
Va= R/ 2+MyL=(721h)/2+6b=42Th (187 N)=<V, OK

Check manufacturer’s catalog for maximum permitted reaction.

Shear Capacity Is Adequate




12.5 WALL PANELS

Worst case span is top or bottom, fixed-pinned boundary conditions. Treat the wall panels as 1 inch
wide, one-way strip.

Response limits: 8, = 27, g, = 3

24 psi
Dead Load, DL =0 H\““m
Blast Load, 5
BL = 2.4 psi (16.5 kPa) 45 1

impulse, I, = (2.4 psif45 ms) 2 = M psi-ms (372 kPa-ms)



12.5.1 Dynamic Material Properties

for dynamic bending or shear, {Appendix 5.A)
Fas= Fay= (SIFNDIF) Fy= (L2} 1.1} 50 ksi = 66.5 ksi (459 MPa)



12.5.2 Calculate a Trial Size
Try 3 ft girt spacing, L=3 ft or 36 n (91 cm)
Let the ductility demand equal the limiting value, py = p, =3

As an mitial guess, let T =ty /t, = 3 (in the dynamic range of response)

load/ resi slance ratio, {Equation 6.11)
Ful Ba 41_|..h1 !y_l_{_uu 1Nt J 1_.'51. | 12‘1._.-.] |_r:_ 091
™ T 2pat+0.7) w3} 203N3+0.T)

preak load, F,o=BL=24psi (16.5kPa)

resistance,
Bo=F,/09] = ({24 nsi} /091 = 2.6psi {17.9 kPa)

effective ultimate moment, from Be = 4 (Mg +2 M) /L (Tabkle 6.3)
M= R, L/12=(26mi*36in"® lin)(36in)/ 12 =281in-lb (3,175 kN-cra)

ultimate moment, {Section 5.£.4)
Moo= Mo /009 = (28] in-lb) /0.9 = 312 in-Ib (3,523 kN-cm)

section modulus,

3= Mp !/ Fas = (312 in-Ib) / {66,500 psi) = 0.0047 in’ (0.077 -::m"_l

NOTE: The section modulus, S , is used to compute the moment capacity instead of the plastic
section modulus, Z,, mainly because section modulus values are readily available. The difference is
minor due to relatively low response and due to capacity reductions from buckling of the thin web.

Select panel type and thickness consistent with roof,
“R” panel, thickness = 24 gage

Weight = 1.25 psf(0.06 kPa)

I = 0.0548 in*/ft = 0.0046 in*/in (0.075 cm®*/cm)

S, =0.0573 in’/ft = 0.0048 in*/in (0.031 cm’/cm)
A, =0.310 in?/ft = 0.0258 in*/in (0.066 cm’/cm)

Perform a detailed check of'this section




12.5.3 Compute Section Properties

effective moment capacity, ] {Section 5.4.4)
Mg = 0.9 (5, WF ) = 0.9 (0.0048 in*) (66,500 psi) = 287 in-lh (3,243 kN-cm)

shear capacity,
Vo= 0.55 (A NF ) = 0.55 (0.0258 it ) 66,500 i) =945 b (4.2 kN)



12.5.4 Compute SDOF Properties

ultimate resistance, from By = 4 (M + 2 M)/ L (Table 6.3)
Ro= 12 (Ma) /L= 120287 in-1b) / (36 in)= 96 b, or 2.66psi  (18.3 kPa)

The numerical integration in this example uses a trilinear resistance-deflection curve, thus several
additional values are needed:

elastic resistance, (Table 6.3)
BRo=8Mp/L=8M,/L=8{287in-Ib)/ (36in)=6d b, or .78 pai (123 kPa)

elastic stiffness, {Table 63)
K =185FL/L"

185 (29,000,000 psi) 0.0046 in*)/ (36 in)?

526 Thdin, or 14.7 psifin - {40 kPa/em)

first vield deflection,
y =R /K = (178 psi) / (14.7 psifin) = 0,12 in (030 em)

clasto-plastic stiffness, (afler first vielkl) (Table 6.3)
K. B4 EL/51°
384 (29,000,000 psi)0.0040 i)/ 5(36 'm]-?'
¢ 220 Ibin, or 6.1 psifin (16.6 kPa'cm)

final vield deflaction,

Yep {Ru-R}/ Kep ky
(2.66 psi - 1.78 psi) / (6.1 paifin) + 0.12in
0260 (0.66 cm)

Compute the effective "bilinear" elastic stiffness and deflection to determine the natural period,
ductility ratios, and hinge rotations.

effective "bilmear" elastic stiffhess,

Ke = 160 E L /L {Biggs, Table 3.3)
160 (29 000,000 psil 00046 inty/ (36 in}”
457 Iin, or 12.7 psifin (34.5 kKPa/cm)

effactive slastic viald deflection,
ve= R,/ K, = (2.66 psi) / (12.7 psifin) = 021 in (053 cm)

waight = .25 paf (0083 ft width)(3 0 length) = 0312 Ih, or 00087 psi (0,06 KPa)

TIELSS,

M =weight! g "
<(0.312 Th) / (386 in's™) _
0000808 Th-s™/in, or22.5 psi-ms™fin  (61.1 kPa-ms’/cm)

load - mass factors, {Table 6.3)
elastic, Ko = {(0.45)/(0.58) = .78

elasto-plastic, Kose= (0.50) / (0.64) = 0.78

plastic, Ky = (0.33) / (0.50) = 0.66

use an average vale, Kpg= [(0078+ 0.78)/ 2 + 0.66] /2 =072

equivalent mass, ) ) )
Me = Kosg (M)= 0,72 { 22,5 pai-ms™in) = 16.2 psi-ms™in (440 kPa-mql.-'::m}

natural period: {Equation &.5)

b=2m. M /K, =2n ..,'I{ 16.2 psi - nmﬂ'in}.-‘{l?.’.-' pifin = 7.2 ms
12.5.5 Compute Response (numerical integration solution)

time increment =t /10 =7.2 ms/ 10 = 0.7 ms, use 0.4 ms to obtain at least 10 increments of
loading.



pinnad end reaction, fixed end reaction,
elastic, ¥V, =0.26R + 0.12F elastic, V= 0.43R + 0.19F
plastic, Vp = 0.398. + 0.11F - My/L plastic, Vi= 0.39R. + 0.1 1F + ML

NOTE: M,/L= (287 in-b)/(36 in) = 8 Ib (36 N)

Wall Panel Analysis, 0.0 psf dead leoad

Equiv. Elastic Displac. = 2.0B%E-01 Max Force = 2. 400E+00

Max Displacement = &.234E-01 Min Force = O.000E+00

Min Displacement = &.216E-04 Max Raslstance = 2.&6E60E+00

Time of Max Displacemsnt - 7.000E+00 Min Reslstance = -£.334E-01

Time of Min Displacement - 1.000E-01 Max Shear A = 1.5T4E+00

MU = 3.014E+00 Min Shear A = -2.T7Z4E-01
Max Shsar B = 9.816E-01
Min Shear B - -1.647E-01

k] 3

£ -4
;
9 A
3 g
B d
a 3
T Drisplacement
o L L L L L A
a 10 i ki L] 50 ]
Time fms}

FIGURE 12.4: Wall Panel Numerical Integration

The positive peak deflection is y,, = 0.63 m (1.6 cm) att="7 ms

The positive peak reaction is 28 Ib/in (49 N/cm) att=2.5 ms
The peak rebound reaction is 4.9 Ib/in (8.6 N/cm) at t =45 ms

NOTE: The peak rebound reaction occurs after a number of cycles, and after the blast load
disappears.

ductility,

pa = (Ym) ! (¥e) ={0.63 i) /(021 in) = 3

supjrort rolation, {Figure 59)
Ba = arctan (¥e / 0.5 L) = arctan [{0.63 in) / (0.5} 36 in)] =2°



12.5.6 Compare Response to Deformation Limits

Gy=2"=2° QK
pa=3=3 0K Respotise I8 Adeguite




12.5.7 Revise section as required

A revision is not necessary.

12.5.8 Check Secondary Failure Modes (in this case, shear)

reaction at ultimate resistance,
Vo= Re/24+MyL= (9 1)/ 2+ Blb=561k (249N} =V, OK

Check manufacturer’s catalog for maximum permitted reaction.

Shear Capacity Is Adequate




12.6 ROOF PURLINS

Purlins are continuous over beams, worst case is at ends for fixed-pinned boundary conditions.
Assume A36 rolled shapes. Loads are light enough that cold formed steel could also be used. The
purlin is assumed to be laterally braced by the roof deck in tension.

To add the effects of dead load to SDOF calculations, each pressure-time pair will be increased by
the magnitude of the dead load and the initial displacement will be set equal to the dead load
deflection. This will create a balanced condition at the start of the SDOF response calculation (refer
to the pre-load discussion in Section 7.2.5).

Span, L= 20 ft, or 240 in (610 cm)
Purlin spacing = 4 ft, or 48 in (122 cm)
Response limits: 0, = 6°, p, = 10

Two methods for applying blast loads will be used. The first is the Tributary Area Method which
applies the roof panel pressure-time history to the loaded area of the purlin. The second method will
use the dynamic reactions ofthe roof panel as the load applied to the purlin. The purlin load is
determined at each time step as follows:

Load, psi= (2 sides) [roof panel reaction, Ib/in] / (48 in purlin spacing)



12.6.1 Dynamic Material Properties

for dynamic bending or shear, {Appendix 5.A)
Fa = Fay = (SIFYDIF) Fy = (L1N1.29)36 ksi= 51 ksi (3352 MPa)



12.6.2 Calculate a Trial Size

Use the Tributary Width Method for applying load to the purlin in mitial sizing.
tributary width =4 ft, or 48 in (122 cm)
Dead Load, (initial puess) 1.2 psi—-

DL =& psf, or0.04 psi (028 kFPa) f{[\\-
fi
Roof blast load: / | \

BL = 12psi (B.27 kPa) T I
4 ms 34 ms

irmprul s,
I,= (1.2 psi} 54 ms) /2 = 32 psi-ms (221 kPa-ms)

Let the ductility demand equal the limiting value, py = p, = 10

As an mitial guess, let T =ty /t, = 3 (in the dynamic range of response)

lmd.-'resislm_-uc:e r.::ﬂ_in, (Equation 6.11)
_JBuD) | w2001, 200)-1)3
o T) 2T+ 0.7 w3y 2ION3+0.T)

1.23

F./ Ry

preak load, Fo=BL+DL= 1.2 psi+ 0.0d psi= 124 psi  {8.33 kPa)

resistance,
Fo=Fo /123 = {124 psi) / 1.23 = 1.01 psi  (6.96 kPa)

ultimate moment, from Ry = 4 (M, + 2 M )L (Table 6.3)
My =Rw L/ 12

(100 pai ® 2400in ® 48 in){ 240 in) /12

232, 700 in-Ts (2,629 kN-cm)

plastic secton maodulus, .
Zy= M/ Fae = (232,700 in-Tb) / (51,000 psi) = 4,56 i’ (75 em’)

The moment capacity is based on Z, because the target u > 3.

Select ChxB.2, {AISC Manual)
Le=13.1in* (545 cm®)

Ze= 51300 (841 em’)

£, =0.537in  (1.36 cm)_ ;

Ay (area of web)= 1 240~ {7.74 cm’)

Perform a detailed check of this section




12.6.3 Compute Section Properties

moment capacity, (AISC 360, Equation F2-1})
My = Zx(Fas)= (5.13 mi}{jl__m'l} pai) = 260,630 in-1b {2,956 kMN-cm)

shear capacity, {AISC 360, Section G2.1)
Vo= 0.6 (ANF&NT) = 0.6 (1.2in )} 51,000 psi)(1.0) = 36,720 b (163.3 kN)



12.6.4 Compute SDOF Properties

ultimate resistance, from Be = 4 (Mg, + 2 Mg}/ L {Table 6.3)
B =12 (M L=12{261630in-lb) /(240 in) = 13082 1h, or .14 pai  {7.86 kPa)

The numerical integration in this example uses a trilinear resistance-deflection curve, thus several
additional values are needed:

elastic resistance, {Table 6.3)
R =8Mpg/L=8M./ L

= B {261,630 in-Ih) / (240 in)

=8,721 b, or 0.76 psi  (5.24 kPa)

elastic stiffness, {Table 63)
K =I85EL/L?

< 185 (29,000,000 psi)(13.1 in*) / (240 in)*

« 5,084 Iin, or 0.44 psifin  (1.19 kPa/cm)

first vield deflection,
y =R/ K = (0.76 psi) / (0.44 psifin) = 1.2 in  (4.37 cm)

elasto-plastic stiffness, (afler first vield) (Table 6.3)
Kp =384EL/S I*

= 384 29,000,000 paip 13,1 in‘*}.-' 5{240 'mf

= 2111 i, or 0.18 psifin (049 KPa‘cm)

fimal vield deflection,

Ve " {Ru-R)/ K-ep by
={1.14 psi - 0.76 psi) /{018 psifin + 172 in
=3B3in (973 cm)

Compute the effective "bilinear" elastic stiffhess and deflection to determine the natural period,
ductility ratios, and hinge rotations.

effactive "hilinear" elastic st ffheass,

Ke = 160 E I, /L* {Biggs, Table 5.3)
= 160 (29,000,000 psip13.1 in*y/ {240 in)*
= 4,397 Thin, or 0.38 psifin (103 kPa/cm)

effective elastic yvield deflection,
¥e= Ru! Ke= (114 psi) / (038 psifin) = 3.0 in {762 cm)

weight = {1.25 psf deck) + (8.2 plf purlin) / (4 fl trib. width) + {3 psf mechanical
ght = {1.25 ps { purlin) / { {5 ps
~ 8.3 psf,or 0,058 psi (0.40 kPa)

initial deflection,
ya = weight / K, = (0,038 psf) / (0,38 psifin) = 0.15 in (038 cm)

LSS,
M =weight /g

= {0.058 psi) /(386 it}

= .15 rmi—.%'in, or 130 p@.i-mﬁ'in {407 kPa-rmia'-:m}

load - mass factors, {Table 6.3)
elastic, Ko = (0.45) / (0.58) = (.78

elasto-plastic, Ky = (0.50) 7 (0.64) =078

plastic, Kyy = (0.33)/ (0.50) = 0.66

use an average vahe, = [(0.78 +0078) /2 + 0.66]) /2= 072

equivalent mass, ]
M, = Kyag (M= 0.72 (130 psi-ms®/in) = 108 psi-msin (293 kPa-ms*/cm)

natural period: (Equation 6.8)
=2 M, (K, =21 (108 psi-ms*/in} (0.38 psifin) =106 ms



NOTE: The roof panel has a period, t ,, of 12.6 ms. Analyzing the roof panel and purlin separately
should be adequate with this difference in periods (refer to Section 6.5.3).

12.6.5 Compute Response (numerical integration of tributary area load)
Refer to Section 12.6.2 for the tributary area load.

time increment,
(106 ms period) / 10 = 11 ms
(4 ms rise time) / 10 = 0.4 ms, use 0.1 ms

pinned end reaction, fixed end reaction,
elastic, Vp =0.26R +0.12F elastic, Vi= 0.43R + 0.19F
plastic, ¥V, = 0398, + L1IF - ML plastic, ¥Vp= 039, + 0. 11F + M/L

NOTE: My/L= (261,630 in-1b)/(240 in) = 1,090 Ib (4.85 kN)

Purlin Analysis - Tributary Load

Equiv. Elastic Displac. = 32.00TE+00 Max Force = 1.25TE+00
Max Dilsplacement = 4.602E+00 Min Force = 2, 142ZE-0Q2
Min Displacement = -3.422E-01 Max Resilstance - 1.140E+00
Tim= of Max Displacement - 4.540E+01 Min Resistance - -B.727E-01

Time of Min Dieplacement = 9.070E+01 Max Shear A = 5.060E-01
MI - L1.531E+00 Min Shear A = -3.341E-01
Max Shear B = 5.060E-01
Min Shear B = -3.341E-01
L] 15
ER
Locad -
2 &
b as 3
g 5
: -
[ k L]
-g - — o =
Bl =
[=]
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\\ ; Mg — s
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Time {ms]}

FIGURE 12.5: Roof Purlin Numerical Integration

The positive peak deflection is y,, =4.6 in (11.7 cm) at t = 45.4 ms

dugtility,
pa = (¥} { (Ve) = (F.6in) /(3.0in) = 1.5

support rotation, (Figure 3.9}
B = arctan (¥m / 035 L) = arctan [(4.6 in) /(05240 in)] = 2.2

12.6.6 Compute Response (numerical integration of dynamic reaction)

Refer to Figure 12.3 for the dynamic reaction load.



Burlin Analysis - Dynamic Reactions
Equiv. Elastic Displac. = 3.00TE+00 Max Force = 9. 060E-OL
Max Displacement - 2.&604E+00 Min Force = O.000E+00
Min Displacement = -1.431E+00 Max Reslstance = %.172E-01
Tim= of Max Displacemsnt - 4.100E+01 Min Resistance - -B.082E-01
Time of Min Displacemsnt = 1.T736E+02 Max Shear A = 4.B44E-01
MU = EB.&61E-01 Min Shear A = -2.4TEE-01
Max Shear B = 2.%56E-01
Min Shear B = -2.103E-01
3 15
- Digplacement
2 - -1
Load =
g 2
E" 1 a5 g
E | %
‘ ;| o
-g af o e
o '
o z
=1 A5
"~ Resistance
2 L 1 1 L 1 A
a 25 50 TS L] 125 150
Time {ms}

FIGURE 12.6: Wall Panel Numerical Integration

The positive peak deflectionis y,, =2.6 n (6.6 cm) att=41.1 ms

The positive peak reactionis 19.3 b (85.9 N) att=35.5 ms

The peak rebound reactionis 15.1 Ib (67.2 N) at t = 86 ms
duetility,

pa = (Ve) / {ve) = (2.6 in) /(3.0 in) = 0.9

support rotation,

B = arclan {ym / 0.5L) = arctan [(2.6 in) / (0.5)240 in)] = 1.2°

(Figurs 5.9)

NOTE: This response from the dynamic reactions is approximately half of that produced by applying
the blast load by tributary area.



12.6.7 Compare Response to Deformation Limits

Gaw= | 2962 OK
ps=09<10 OK Response Is Adaquale




12.6.8 Revise section as required

Revise size to get closer to the target deflection. Try a lighter channel. Use dynamic reactions.

Select C4x5.4, {AISC Manual)
I, =385in* (160 cm®)

Zo=22610"  (37.0 cm’)

r,=0449in (1.14 cm)

An (area of web) = 074 in®  (4.77 em®)

Perform a detailed check of this section




12.6.9 Compute Section Properties

momeEnt capacity, (AISC 360, Equation F2-1)
Mp = Za(Fas}= {2.26 iﬂz]{il.ﬂﬂﬂmi} = 115,260 in-1b {1,302 kN-cim )

The moment capacity is based on Z, because the target u > 3.

shear capacity, ) (AISC 360, Section G2.1)
Vo = 0.6 (AN Fa) = 0.6 (0.74 in* )5 1,000 pai) = 22644 Th (101 kM)



12.6.10 Compute SDOF Properties

ultimate resistance, from Ry = 4(M, + 2M )/ L {Table 6.3)
Fu= 12 (Mg} L=12 (115260 in-Tb) / (240 in) = 5763 Ib, or 0.50 psi (345 kPa)

The numerical integration in this example uses a trilinear resistance-deflection curve, thus several
additional values are needed:

elastic resistance, {Table 6.3)
B =BM, /L=8M/

« B (115,260 in-Tb) / {240 in)

=3,842 b, or 0.33 psi (2.28 kPa)

elastic stiffness, (Table 63)
K =185EIL/L?*

« 185 (29,000,000 psi)3.85 in*) / (240 in)’

« 1,494 Ihvin, or 0.13 psifin (0.35 kPa‘om)

first vield deflection,
yo= B /K = (033 psi) / (0,13 psifin) = 2,54 in  (6.43 cm)

elasto-plastic stiffness, (after first vield) (Table 6.3)
Kyp =3B4EIL/5L°

= 384 (29,000,000 psin3.85in*)/ 5 (240 iny

= 620 Min, or 0.05 psifin (0.14 kPa‘cm)

final vield deflection,
Yo =(Ra-R) /Ko + ¥
= (0.50 psi - 033 psi) / (0.05 psifin) + 2.54in
“594in (1509 cm)

Compute the effective "bilinear" elastic stiffhess and deflection to determine the natural period,
ductility ratios, and hinge rotations.

effactive "hilinear" elastic st ffheass,

Ke =160 E. I /L {Biggs, Table 3.3)
= |60 (29,000,000 psiy3.85 in') /(240 i.nf
= 1,292 Twin, or 0.11 psitin - (0.30 kPa/cm)

effective elastic deflection,
Vo= R/ K= (050 psi) /(0.1 ] psifin) = 4.55in  (7.62 cm)

wieight = {1.25 psf deck) + (5.4 plf pudin) / (4 fi trib. width) + (5 psf mechanical}
=T.6 psf, or 0053 pai  (0.37 kPa)

initial deflection,
v = weight / K, = (0.053 paf) / (0.1 psifin) = 0.48 in  (1.22 cm)
mass,
M o= weight /o

« (0,053 psi) / (386 in's®)

= 0000137 psi-sfin, or 137 psi-ms™/in (372 kPa-ms’icm)

load - mass factoos, {Table 6.3)
elastic, Ky = (0.43) / (0.538) = (.78

elasto-plastic, Ky = (0.50) 7 (0.64) =078

plastic, Ky = (0.33)/ (0.50) = 0.66

use an averapge value, Kpg= [(0.78 +0078)/2 + 0.66] / 2= 0.72

aquivalaht mass, ) )
Me = Kuisg (M= 0.72 (137 psi-ms/in) = 98.6 psi-ms™/in (268 kPa-ms’/cm)

natural period: (Equation 6.8)
=2 M, /K, =2n J{?R.ﬁp&i-mﬁ’ L) 0L D psi fin) =18BE ms




NOTE: The roof panel has a period, t ,, of 12.6 ms. Analyzing the roof panel and purlin separately
should be adequate with this difference in periods (refer to section 6.2.3).

12.6.11 Compute Response (numerical integration of dynamic reaction)

time increment,
(188 ms period) / 10 = 19 ms
(4 ms rise time) / 10 = 0.4 ms, use 0.1 ms

pinnad end reaction, fixed end reaction,
elastic, Vp =026R +0.12F elastic, Vi= 0.43R + 0.19F
plastic, ¥, = 0398, + (L1IF - ML plastic, V= 039E, + 0.11F + ML

NOTE: M,/L= (115,260 in-Ib)/(240 in) = 480 Ib (2,135 N)

Purlin Analysis - Revised Sectico

Equiv. Elastic Displac. = 4.55BE+00 Max Force = 9.150E-0OL

Max Displacement = 7.001E+00 Min Force = 0.000E+0D0

Min Displacement = -2.624E-01 Max Reslstance = E.QO0E-01

Tima of Max Displacement = 6.BZ0E+01 Min Reslstance = -4.033E-01

Tim= of Min Displacement = 3.115E+02 Max Shear A = I.760E-01

MI = L1.536E+00 Min Shear A = -1.T737E-01
Max Shear B = 1.4B7E-01
Min Shear B = -1.080E-01

Ll 1

-~ Dhisplacement

Resistance Jos

Displacement {in.)

Load, Resistance {psi)

Time {ms)

FIGURE 12.7: Roof Purlin Numerical Integration

The positive peak deflection is y,, = 7.0 in (17.8 cm) at t = 68 ms

The positive peak reaction is 12.5 Ib/in (21.9 N/cm) at t = 49 ms

The peak rebound reaction is 8.3 Ib/in (14.5 N/cm) at t = 150 ms

ductility,
pd = {¥e} { (e} = (7.0 in) /(4.55in) = 1.3

support rotation, (Figure 5.9)
B = arctan (¥e / 0.5 L) = arctan [(7.0 in) /(054240 in}] = 3.3°

NOTE: This response from the dynamic reactions is approximately half of that produced by applying
the blast load by tributary area.



12.6.12 Compare Response to Deformation Limits

By =33 <6 OK
pa= 1510 OK  Response Is Adequate




12.6.13 Revise section as required

Member size could be reduced but approaching minimize size for constructability and static loads. A
heavier panel would allow a greater spacing and make the purlin more efficient. Cold formed
members would work well for this load level.

A revision is not necessary.

12.6.14 Check Secondary Failure Modes (in this case, shear)

reaction at utimate resislance,
Ve= Ry /2 4+ ML =(5763 h) {2+ 480 Ib =3 362 Th (1495 KN} <V, OK

Shear capacity is adequate.




12.7 WALL GIRTS

The girts are flush with the columns and are simply supported. Assume A36 rolled shapes. Loads are
light enough that cold formed steel could also be used. The girts are assumed to be laterally braced
by the wall panels in tension.

Span, L= 20 ft, or 240 in (610 cm)
Response limits: 6, = 6°, p, = 10

Two methods for applying blast loads will be used. The first is the Tributary Area Method which
applies the wall panel pressure-time history to the loaded area of the girt. The second method will
use the dynamic reactions of the wall panel as the load applied to the girt. The girt load is determined
at each time step as follows:

Load, psi= (2 sides) [wall panel reaction, Ib/in] / (36 in girt spacing)



12.7.1 Dynamic Material Properties

for dvnamic bending o shear, {Appendix 5.A)
Fa = Fay = (SIF}DIF) Fy = (LIN1.29) 36 ksi= 51 ksi (3352 MPa)



12.7.2 Calculate a Trial Size

Use the Tributary Width Method for applying load to the purlin in mitial sizing.
tributary width= 3 fi, or 36 in (91 cm)

Dead Load, DL =0 2.4 psi

Wall blast load, \\

BL = 2.4 psi (16.55 kPa)

45 ms
impulse,
Io= {24 psi45 ms) /2= 54 psi-ms (372 kPa-ms)

Let the ductility demand equal the limiting value, 64 =6, = 10

As an initial guess, let T =ty / t, = 3 (in the dynamic range of response)

lrmd.-‘msislapc:e r;at'm, {Equation 6.11)
) | quenin 20D 2010)-1)3
Fol Bp=t— + - + 1.23
o T} 2l T4+ 0.7 T3} 2I0W34+0.T)

peak load, Fo=BL =24 psi (1655 kPa)

resislance,
Ra=Fo /123 =24 psi)/ 123 = 195 psi (13 44kPa)

ultimate moment, from By = B (M} L {Table 6.1)
Mp =R L/ B '

(1.95 psi * 2400in * 36 in}(240in) / 8

305,440 in-1k (5,711 kN-om)

plastic section modulus, _
Zy = M/ Fag = (505,440 in-1b) / (51,000 psi} = 9.91 in* (162 em®)

The moment capacity is based on Z, because the target p > 3.

NOTE: The value of Z , determined above is not a minimum requirement, but rather an initial
estimate. Based on the results of the roof purlin calculation, a smaller trial size will be selected.

Select ChxR.2, {AISC Manual)
L=131in* (545 ecmh)

Ze= 513000 (84.1 em’)

t,=0.537in (136 cm)

A (area of web) = 1.2 % (7.7 cm?)

Perform a detailed check of this section




12.7.3 Compute Section Properties

moment capacity, (AISC 360, Equation F2-1)
M= Z(Fa) =(5.13 'mz]{il.ﬂﬂi}mi} = 261,630 in-1b {2,956 kMN-cm)

The moment capacity is based on Z, because the target u > 3.

shear capacity, {AISC 360, Section G2, 1{a})
Vo= 0.6 (A NFs) =06 (1.2 in®)(51,000 psi) = 36,720 Ib (1633 kN)



12.7.4 Compute SDOF Properties

ultimate resistance, from By = B (M) /L (Table 6.1)
R, =B (M) /L =8 (261 630 in-Ib} / (240 in) = 8,721 Ib, or 1.0 psi  (6.89kPa)

effective stiffness,

K. =384 E1/5L* _ {Table 6.1)
384 (29,000,000 psi)13.1 in*} /5 (240in)’
<2111 Iwin, or 0.24 psiding (0,65 kPa‘om)

aeffective elastic deflection,
Vo= Ro/ K= (10 psi) {024 psifin) = 4.1 in (104 cm)

weight = {1.25 psf siding) + (8.2 pIf girt) / (3 ft wib. width)
3.98 psf,or 0.028 psi (0.19 kPa)

[
M o= weight /g )

{0028 pai) / (386 in/s") __ 5

0.000073 psi-s7in, or 73 psi-ms¥in {198 KPa-ms*lem)
load - mass factors, {Table 6.1)
elastic, Ko = (0.50) / (0.64) = 0.78
plastic, Kyye=(0.33)/ (0.50) = 0.66
1use an avetage valie, Kopa= (078 +0.66)/2 =072

equivalent mass,
ML = Bpag (M= 0.72 (73 psi-nm".-"m} 33 p.-:i-mﬁ-'i.n (363 kPa-ms/cm)

natural period: {Equation 6.5)
— r
L=2m M /K, =2% (3]s -ms” fin ) (0.24 psifin) = 93 ms

NOTE: The wall panel has a period, t ,, of 7.2 ms. Analyzing the wall panel and girt separately
should be adequate with this difference in periods (refer to Section 6.2.3).

12.7.5 Compute Response (numerical integration solution)

time increment =t / 10 =93 ms / 10 = 9 ms, however use 0.1 ms as for the girt design in order to
catch all of the abrupt changes in the dynamic wall reaction.

end reaction,
elastic, V= 039R + 0.11F
plastic, V = 038R, + 0.12F



Girt Analysis - Oynamic Reacticnz

Equiv. Elastic Displac. = 4.16TE+00 Max Force = 1.5T0E+00

Max Dlaplac‘ement - &.618E+00 Min Force = 0.000E+00

Min Displacement = -1.T716E+00 Max Resistance = 1.000E+00
Tim= of Max Displacement - 1.64%E+02 Min Resistance - -1.000E+00
Time of Min Displacement = 2.Z31TE+02 Max Shear A = 4.463E-01
MO - 1.528E+20 Min Shear A = -3.%00E-01

Max Shear B = 4.483E-01
Min Shear B = -Z.%00E-01

§ 2
— Displacement
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FIGURE 12.8: Wall Girt Numerical Integration

The positive peak deflection is y,, = 6.6 in (17 cm) at t = 48 ms

The positive peak reaction is 16.1 Ib/in (28.2 N/cm) at t = 26 ms

The peak rebound reaction is 14.4 Ib/in (25.2 N/cm) at t = 106 ms
duetility,

pa = (¥m}/ (¥e) = (6.6 in) / (4.1 in) = 1.6

support rotation, (Figure 3.9}
Bz = arctan(ym / 0.5 L) = arctan [(6.6 in) / (0.54240in)] =3.1°



12.7.6 Compare Response to Deformation Limits

By=3.1"<6" OK
pa=1.6<10 OK  Response Is Adequate




12.7.7 Revise section as required

A revision is not necessary.

12.7.8 Check Secondary Failure Modes (in this case, shear)

reaction at ultimate resistance,
Ve= By /2=(8721 )/ 2=43601 (I94kN)<V,. OK

Shear capacity is adequate.




12.8 RIGID FRAMES

hoad from roof purlins
IREEIIRRRERRER
Imdfmm:: 16 ft
wall girts 4BE cm)
™7 254 e (5%

(762 cm) (762 cm)

FIGURE 12.9: Frame Elevation

Frame Spacing = 20 ft, or 240 in (610 cm)
Column bases are pinned.

Allowable sidesway, Xa = 5.5 in (14 cm)

Initial member sizes for the rigid frame will be estimated using a SDOF approximation of the frame.
These estimated sizes will be used in the more detailed MDOF frame analysis to verify adequacy.
Maximum deflection of individual members as well as frame sidesway will be used to evaluate the
adequacy of the selected members.



12.8.1 Dynamic Material Properties

fior dynamic bending and shear, {Appendix 5.A)
Fa= Fay = (SIFNDIF) Fy = {L.1}{1.29) 36 ksi = 51 ksi- (352 MPa)

12.8.2 Trial Sizing (General)
Use tributary width method for applying load to frame for initial sizing (refer to Section 6.2.3). The

tributary width will be equal to the frame spacing of 20 ft (610 cm). Blast loads will consist of the
externally applied roof and wall loads (refer to Section 12.3.3).

The natural period of'the frame and girt/purlins are sufficiently different to make this simplification
valid. Girt response would not be significantly affected by including interaction, but column flexural
response would probably be less. Dynamic reactions from the girts and purlins will have a lower
pressure than the blast load but a longer duration. Because of the relatively slow global response of
the frame, sidesway will be controlled by impulse and will not be significantly affected by load shape.

12.8.3 Trial Sizing (Column)

To get an initial column size, treat it as a fixed-pinned member supported at the floor and eave.

2.4 psi
Blast Load, (front wall load) 20

BL =24 psi (16.5 kPa) ’\\

Response limits: 8= 1.57, pa= 2 45 m= (Table 5. B2)

Let the ductility demand equal the limiting value, py = p, = 2

As an initial guess, lett=1t4/t, =1

load resistance ratio, {Equation 6.11)
- JEK 1) 2pa—DiT) Af242)-1  (2{2)-1)1
F.! Ba + + 1.0

Tl 2T+ 07T 1) H2H1+0.T)

pak load, Fo=BL =24 psi (165 kPa)

resistance,
Ro=F,/1.0= (24 psi)/ 1.0=24pst (165 kFa)

effective ultimate moment, from By = 4 (M 4+ 2 M) /L (Table 6.3)
M =R L/ 120 (2.4 paii ®* 240 m * 192 in} 192 in)/ 12
[,769.472 in-lb {19992 kMN-cm)

section modulus, (for selection purposes) ;
Suv= M/ Fa= (1769472 in-1b)/ (51,000 psi) = 34.Tim™ (565 cm’)

Select W10x30, {AISC Manual)
=170 (7,076 cm’)

8. =324in" (531 cm’)

Ze=366in (600 cm”)

A, =B 84" (57.0cm’) _

A, (area of weh)= 3.14 in® {203 cm®)

fnoinetl capacily, (AISC 360, Equation F2-1)
M, = Z, (Fa} = (36.6 in* {51,000 psi) = 1,866,600 in-Ib (21,090 em-kN)

Check sidesway response,



The columns are simply supported at the base and continuous at the beam-column connection. This
configuration can be modeled as 3 cantilevered columns acting in parallel with a concentrated load
and mass at the tip.

- [

a1 | |

Tributary area for sidesway load is equal to '4 the wall base to eave height. Use the wall blast load
mmpulse for the forcing function.

Impulse,
Lo ={2.4 psi){ 192 in 2} 240 m} 45 ms) /2= [ 242 160 Th-ms (5,534 kN-ms)

Single column resistance,
Re=Mp /L = (1866600 in-1b)/ (192 in)= 9722 b (432 kN)

Total resistance = (3 cols)9,722 Ib) =29 166 Ib (1296 kN)

Single column stiffness, (AISC Manuoal, Beam Diagrims)
K. =3EL/L? _ _

3 (29,000,000 psi) (170 in*)(192 in)’

2,090 Thin  (3.66 kNdim)

Total stiffness = (3cols 2,090 kN/icm) = 6,270 bin  (10.98 kN/cm)

sidesway elastic deflection,
Me= Ro/ Ka = (29,166 (6270 Ihdin)=465m (118 cm)

Use 173 mass of walls + mass of roof

weight = [(2 walls )} 16 ft height 3) + (300 roof span)] (20 fi widthisey 6 psf)
T280 s (324 kM)

Es,

M =weight /g
(7,280 Ibs) / (386.4 in/s”)
18.8 Ib-s7in, or 18,800,000 Ib-ms™in (32,924 kNems/em)

Because the load can be treated as an impulse, use an energy balance method to determine
response. (Biggs, Section 5.5b)
Kinetic energy of load,
KE = (L] / 2M. _
(1,244,160 Mh-ms)® /218,800,000 Ib-ms*in)
41,168 Th-in (465 kN-cm)

Strain enemgy of frame, where X 15 the sidesway at top of frame,
SE = Ry (Xa)2 + R (Xa - Xa)

Rearranging and substituting KE for 5E,
Xeo = [KE + 0.5 (RNX.)] / Ry,
= [(41,168 Th-in) + 0.5 (29,166 Ib)}4.65 in)] / (29,166 1h)
373 (947 om) < X, 0K

12.8.4 Trial Sizing (Beam)

To get an initial beam size, treat it as a fixed-pmnned member supported at the eave and center
support.



Dead Load, 1.2 psi
DL =11 psf, or 0.08 psi (053 kPa)

Blast Load, =
BL= L2 psi (8.27 kPa) 45 s
impulse, L= (1.2 psif45 ms) /2 = 27 psi - ms (186 kPa-ms)

As an mitial guess, lett=1t;/t, =1

load! resistance ratio, {Equation &.11)
sop J20a-1y S 2@, @2@-p1
o -1 .

W T) 2T+ 07 w1} 220 1+0.T)

peak load, F,= DL+ BL=0.08 psi + 1.2 psi= 128 psi  (8.83 kPa)

resistance,
Ro=F, /099 =128 psi)/ 1.0= 128 psi (B.83 kPa)

effective ultimate moment, from Bs= 4 (Mg + 2 M) /L (Table 6.3)
M, =R L/ 12

(1.28 psi * 240 in * 300 3300 in) / 12

2304000 in-1b {26032 kM-cm)

section modalus, (For selection purposes) ;
e = M/ Fae= (2304000 in-1b)/ (51,000 psi) = 452 in* (741 em’)

Try same member as used for column since load will be from dynamic reaction:

Select W10x30, {AISC Manual)
I,=1704n* (7,076 em®)

8= 324" (531em’)

Zo=366in (600 cm®)

As =B84 in° (570 emD)

Ay {area of web)= 3 14 i’ (203 ‘..'I"I'l.:_l

It is advisable to perform a dynamic analysis of the column and beam as isolated components to
verify that flexural response is acceptable before analyzing the entire frame since this is much quicker
than frame analysis. This step is not shown in this solution. Frame response will include the effects of
axial loads which reduce the flexural capacity of members. This will increase response with respect
to component analysis.

12.8.5 MDOF Analysis (Model)

A multi-degree of freedom (MDOF) plane frame analysis program is used to determine the response
ofthe frame to the dynamic reactions from the girts and purlins. The structure is discretized into
elements, and loads are applied to nodes. Input includes nodal coordinates, modal mass, member
connectivity, member properties, supports, and solution control parameters (time step, duration of
numerical integration, etc.). Dynamic material properties are input into the program by defining the
elastic and ultimate yield strengths and associated strain or by defining member capacities. The latter
approach will be used for this problem. Non-linear response will be included in the analysis through
tracking of plastic hinge formation and reformulation of the stiffness matrix at each time point.

This analysis is similar to a conventional static analysis with the exception of non-linear member
properties and pressure-time loadings. Member adequacy is judged by maximum deflection and
support rotation rather than the member stress criteria used in static design.



Output includes node displacements, member end forces and support reactions. A three-dimensional
model would produce more accurate results but a two-dimensional analysis normally is sufficient for
this type of structure. Members will be subjected to loads from both long and short walls. The
member capacity used in the model or the allowable deformation must be limited to account for the
fact that the members will be subjected to simultaneous bi-axial loading. A typical capacity reduction
factor is 25%. This factor reflects the fact that peak stresses from each direction rarely occur at the
same time.

The model is shown below:

FIGURE 12.10: MDOF Model
Columns: W10x30 Beams: W 10x30

Two load cases were run. The first used blast loads applied over a tributary area. The second used
dynamic reactions from the girts and purlins. Results of the analysis are indicated in the following
sections.

12.8.6 - MDOF Analysis (Tributary Area Loading)
3

b

Sidesway, X (iti)

e it Sl i
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FIGURE 12.11: Plot of Node 3 Sidesway Response

haximum sidesway, (node 3)
Xa= 264 (6.7 cm)

Column response, (membar 1)
Bg= 1.3°, ¥yau=2%in(74cm), pa=063

Beam response, (member 3)
Ba= 0277, yum=l4din(3.6cm), pa=038

Peak support reactions,

Horizontal = 8.8 kips (836 kN) node |
Vertical = 064 kips (4288 KN} node 6

12.8.7 - MDOF Analysis (Dynamic Reaction Loading)
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FIGURE 12.12: Plot of Node 3 Sidesway Response

hMaximuom sidesway, {node 3)
Xa=0B5in (2.2cm)

Coluinn response, (member 1)
By= 015, Va=037in(l.5cm), pa=0.07

Beam responss, (meamber 3)
Bi= 0217, Ve=045in(l.14cm) pa= 006

Peak support reactions,
Hovizontal =4.1 kips (18.2kN} node |
Vertical = 27.7 kips (12321N) node6

150 200



12.8.8 Check Adequacy of Member Sizes

Colurmin,
Bs=0.157 < .57, OK
Ly =007 <2 0K

Bean,
G,=02]"< |5, OK
pe=0.06 <2, OK

Use of dynamic reactions does make a noticeable difference in the maximum predicted response
which would permit adjustment of sizes if desired.



12.8.9 Additional considerations

Connections - Design to develop ultimate strength of the members being connected. Peak member
end forces from the frame analysis can be used; however, this can be extremely conservative since
the peak force occurs for only a short time.

Bracing - Members should be braced in accordance with AISC specification requirements to
develop full moment capacity of each member. Both flanges should be braced to accommodate

rebound forces.



12.9 BRACED FRAMES

The lateral load resisting system for blast loads along the short side of the building is shown
schematically in the following diagram.

le F Fa
T F. | F

[

Fy

A

o Fs /

| 2se | 258 | .20 ]

S(60cm) | (760cm) (610 cm)
PLAN ELEVATION

)

16 ft (490 cm)| +

20 f (610 cm)
F
F
A

Y

FIGURE 12.13: Braced Frame Layout

Loads applied to panels on the short wall will be resisted by the three end columns. The roof panels
will act as a diaphragm to distribute the loads but they must also resist vertical blast loads in bending
which reduces in-plane capacity. To avoid this problem, the top of the center column will be
supported by a truss in the roof of the end bay. This truss will utilize the rigid frame beams as chord
members with additional angles added to form the struts. Braced frames in the end bay wall will
provide the support reaction for the roof truss as well as the load from the corner columns. The end
bay braced frame will consist of the rigid frame columns and x-bracing. Since the columns must resist
loads from both directions, the axial capacity in each direction is artificially reduced for the analysis.

The braced frame will be designed using static design process based on the capacity of supported
members. Bracing provides a stiff system which responds to pressure without absorbing much

energy.



12.9.1 Dynamic Material Properties

for dynamic bending and shear, {Appendix 5.A)
Fs=Fg =(SIFYDIF) F, = (L.1}M1.29) 36 ksi= 51 ksi (352 MPa)

fior dynamic tension and comprassion, {Appendin 3.A4)
Fa=Fg = (SIFNDIF) F, = (L1}1.19) 36 kar = 4T ksi {325 MPa)



12.9.2 Determine Blast Load

The braced frame must develop the ultimate capacity of the members which it supports, namely the
girts and end wall columns. The force applied to the top of the column is equal to the tributary area
times the resistance as a static load. Each braced frame will be designed to resist the entire load even
though there will be a frame at each end of'the building. This will provide redundancy and will
eliminate large axial forces in the top perimeter beams at the interior frames.

1) Load based on column capacity

Column ultimate moment,
M = 1,866,600 in-Ib (21,090 cm-kN)

Column resistance,

Bo=d{Mp+2 M) /L =12 {Mg/L
12 (1,866,600 in-Ik) / (192 in}
116,663 b {519 kN)

Column unit resistance,

Ro=Rg /(25 ft width} 16 fit height)
(116,663 1)/ (300 in) 192 n)
2.0psi (13.8kPa)

2) Load based on girt capacity

Crirt ultimate moment,
M= 261 6304n-1h (2,956 cmKN)

Crirt resistance,

Re=B(Mg) /L =8 (M) L
B (261,630 in-Ih) / {3040 in}
69771 {310 KN)

Ciirt unit resistance,

Fo=Be /(3 ftwidthy25 fi length)
(6,977 by /(36 ink 300 in)
065 psi (4.5 kPa)

(Section 12.8.3)

(Table 6.3)

(Section 12.7.3)

(Table 6.3)

The larger column capacity controls, R, = 2.0 psi(13.8 kPa)



12.9.3 Braced Frame Forces

Because of differences in stiffhess, compression forces will be neglected in cross members.

Load on top of center column,
Fy =R, {25 fi width} 16 ft height /2}
= (2.0 pai W 300 in} 96 in)
37600 hs (256 kN)

Load at top of corner coliumns,

F; =R, (25 ft width 22)(16 it height /2)
= {2.0 pai W 130 in)(96 in)
=28 R00 Ths (128 kM)

Angle of roof brace,
o = Tan™ (25 f£ /20 fi) = 51.3°

Tension force in roof brace,

F:{. = LG 1_'5 ! ODG{DI:}
¥ (57,600 ) / cos (51.37)
46,060 b (205 kN)

Axial foree in roof truss chord member,
Fq. = F:{ {Eii.ﬂ. {D'.g}}

= {46,060 Ib) (sin (31.37))

= 359501 (160KN)

Load in top perimeter mamber along long wall,
Fi =Fy+%F;
(28,800 It} + 1% (57,600 It)
= 57600 Th (256 kN)

Angle of vertical brace,
o = tan {16 £t 720 f1) = 38.7°

Load in verdical-brace will include contribution from roof truss,
Fg =Fa/ cos (o)
= (57,600 Ib) / cos {38.77)
73805 Ths (328 KN)

Load in column due to braced frame response:
Fr =Fg{sin (o))

= {73,803 Ib} {sin (38.7°))

=46, 1500 (205 kN)



12.9.4 Design Top Perimeter Member

Applied load, {Section 12.0.3)
P.=F,=576kips (256 kN)

Try a W10x19 {AISC Manual)
A, = 562000 (363 emd)

L= 963 in* (4,008 cm*) te=414in (10.5 cm)
I, =429 in* (178 em*) r,=0874in (2.2 cm)

For compression, capacity is determined by buckling.
A brace will be providad at mid-span for the weak axis. Therefore the unbraced
lenpths are,

Le= 20 f, or 240 in (610 cm)
L,=20ft/2,0t 120in (305 cm)

Use effective length factor, K = 1.0

K. L/t =(1)(240 in) / (4.14 in) = 58
Ky Ly/ ty= (1120 in) / (0.874 in) = 137 (controls)

Columnn slenderness Guctor, (AISC 360, Saction E3)
o= 4.71[E, [F, = 4.714/(29.000ksi) /(47 ksi) = 117 < 137

Elastic critical buckling stress, (AISC 360, Equation E3-3)
Fe= 1 Fa/ (KyLy/ty) = 10 (29,000 ksi) /(137 = 152 ksi (105 MPa)

Flexural buckling stress, (AISC 360, Equation E3-3)
Fo=0.877 (Fe) =0.877 (152 ksi)= 133 ksi  (91.7 MPa)

Required area, {AISC 360, Equation E3-1)
Ag =Pyl Fax

= (57.6 kips) / (13.3 ksi)
43in* (277 em?) <A, OK

USE W10x12



12.9.5 Design Vertical Cross Brace

Applied load,
P.= 738 kips (32BkN)
Required area for tension,
Ay =P /F, =P, /Fy
(73,8 kips) / (47 ksi)
S15T it (1000 em?)

for L3x3x5 16, As= 1.78in® (11.5em®) > As, OK

USE L3x3x5/16

(Section 12.9.3)

{AISC 360, Equation D2-1)



12.10 FOUNDATION

Preliminary design of the foundation will include evaluating overturning, bearing pressures and lateral
load resistance. The foundation must be able to resist the applied blast loads with a degree of safety
to account for uncertainties in prediction of soil properties. Foundation failure can cause serious
collapse hazards, thus it is prudent to maintain a conservative design. Also, should an incident occur,
it is many times desirable to be able to remove the building structure and rebuild on the same
foundation.

Since a conservative approach is used, it is quite common practice to design the foundation using
static loads. Typically, this involves applying the resistance ofthe roof and walls as uniform static
loads and computing reactions. Support reactions from frame analyses are also checked to ensure
that local foundation failures don’t occur. Dynamic analysis of foundations can be accomplished if
appropriate soil properties are provided.

The foundation for this problem will be a spread footing for the wall columns and isolated mnterior
column footings.



12.10.1 Foundation Loads

Roofand wall loads are determined by the lowest resistance for each of the members. The roof deck
has a resistance of 1.5 psi (10.3 kPa) while the purlins have a resistance of 0.5 psi (3.45 kPa). Thus
the greatest load which can be transmitted to the frame is 0.5 psi (3.45 kPa). The wall panel
resistance is 2.66 psi (18.3 kPa)) while the girt controls with 1.0 psi (6.89 kPa). These loads are

shown in the figure below.
0.5 psi (3.45 kPa) roof load

EEEERRERRRRE

o
{w.nl! Imd} (155 om)
(762 cm) (762 cm)

FIGURE 12.14: Foundation Loading



12.10.2 Gross Overturning

Gross overturning of the structure can be determined by summing moments about the leeward
column support.

Orerurning Moment,
O - {i}‘rﬁi]-l;H-’i'Lﬂ‘.-'ﬂ"H;lﬁIl]“l.&ighl}z.-'E 18432 A=kt (B2.0 cro-kMN/cm)

Resisting Moment, )
RM = (0.5 psi ) 144 in™/ )30 fi width)® /2 = 90,000 f-lb/ft - (400.3 em-KNfem)

Factor of Safety A painst Overturiing, (Section 7.7.1)
FENVON = (90,000 fi-Ib/it) /(18,432 bty = 49> 1.2, OK



12.10.3 Lateral Load

Friction resistance under the spread footings combined with passive resistance will be used to resist
lateral forces. The following lateral forces are computed in terms of load per unit length of wall even
though much of the loads will be resisted by individual spread footings. Frictional resistance is a
function of vertical loads, not footing width.

Applied lateral load per unit length of wall,
V= (1.0psi * 144 in7/ i) 16 ft height) = 2,304 Ib/ft (034 KN/em)

Applied vertical load per unit length of wall,

Py = vertical load from resistance of roof members plus slab dead weight
00 psi ® 14 in'/f) + (0.5 fi slab){ 150 pef}] (50 it width)
= T350 bt (1,073 Nicm)

Frictional resistance from footing per unit length of wall,
Va =Py {coefficient of friction)

{7350 WAL N0.3)

2,205 Tt {322 Nicm)

Met unbalancad load per unit length of wall,
Vam V- Vo= 2304 th'ft) - (2,205 /) =99 Tha/ft {144 Niom)

Met unbalanced load o be resisted by passive pressue, {Section 7.7.1)
Va= Vy (FS) = {99 Ibft) L5= 149 it (21.7 Nicm)

Required passive resistance for each frame

Vi = Vy(ftame spacing) = 149 1b/ft (20 fi) = 2,080 Ibs  {13.26 kN)

Assume foundation will be stem walls along the exterior with spread footings at columns. Passive
resistance will be provided by stem wall over length of spread footing. Passive resistance at center
column will be ignored since the width of column support is small.

Required passive resislance at each footing,
V= V! (# of stem walls) = (2,980 Ib) / (2 each) = | 490 b (663 kN)

Assume a footing depth of 3 ft (91 cm) and neglect the top 1 ft (30 cm).

Passive force at bottom of footing,
W= Ky (Yidepth) = (LENES pcfW3 i) =439 paf (22 kFa)

Passive force at | fL {30 cm) depth,
V= Kp (yHdepth) =(LENES pcfi] fi) = 153 psf (7.3 kPa)

Available passive vesistance perunit width of foting, 0fi
Vo = (4359 psfl i3 f) /2 - (153 paffft)(l 1) 2
612 I/t (89,3 Nicm) 11

153 bt
Hg

Required width of footing, 450 Wi

W= Vg / Vo= (1,490 Ib)/ (812 bt} = 2.5/t (76 cm) it

USE a 3 ft (91 cm) wide footing with a continuous stem wall to 3 ft (91 cm) depth



12.10.4 Vertical Load

Applied vertical load on extervior column per unit length of wall,
Py = [(0.5 psi * 144 in®/A%) + 15 psf dead load (50 fL/4)
= 10BE Wit (159 N/cm)

Applied vertical load al each frame,
Py = Pz (frame spacing) = (1,088 I/ ft(20 1) = 21,760 b {97 KN)

Allowable beanng pressure for blast toad, (Section 7.7.1)
q ={service lomd allowable)static FS) / (blast FS)
= (2,500 psfH2.00 /1.2
4,167 psf (200 kPa)

Required area of fording,
aree Py/q
(21,760 Ib) / {4, Iﬁ]‘ipal}
=522 sf (4,850 cm’)

Use 3 ft (91 cm) square footing

Applied vertical load on interior colurmm,
Py = [(0.5 psi * 144 in®/ %) + 15 psf dead load](50 ft/2)
2,175 it (317 Nicm)

Applied vertical load at sach frame,

Py = Py(frame spacing) = (2,175 b/ AN20 ) = 43,500 b (193.5kN)
Required area of fooling,

area Palq

- (43,500 1b) / (4,167 ps)
1043 sf (9,690 cm?)

USE 3 ft 6 in (107 cm) square footing

Check maximum dynamic reaction from frame analysis
V=22,6001bs (100.5kN)

Assume this is resisted by the 3.5 ft square footing. Area = 12.25 ft? (11,381 cm?)

bearing pressure,
q={22,600 Ih) /(12.25 sf) = | B45psi’  (BB3 kPa) < 4,167 psf allowable OK

Additional design would include flexure and shear on footing.



CHAPTER 13
MASONRY RETROFIT DESIGN EXAMPLE

13.1 INTRODUCTION

This chapter provides an example of the evaluation and retrofit of the masonry walls of an existing
reinforced concrete framed building using the principles outlined n Chapter 10 . The explosion
magnitude and front wall blast load are determined by others. Only the analysis of the exterior walls,
and upgrade options, are presented in this example.

Structural code provisions, as applicable, are from,
e ACI 530-05, Building Code Requirements for Masonry Structures
e ACI 318-05, Building Code Requirements for Structural Concrete

Additional References are,
e NCMA, TEK Manual for Concrete Masonry Design and Construction
e MacGregor, Reinforced Concrete, Mechanics and Design



13.2 STRUCTURAL SYSTEM

Walls - Unreinforced masonry wall spanning between foundation and roof (one-way).
Roof - One-way reinforced concrete slab.
Structural framing - Reinforced moment-resisting concrete bents in each direction.

NOTE: Though unreinforced masonry is not recommended for blast design due to a lack of ductility,
it is often encountered in existing buildings.



13.2.1 Description of Structure

One story reinforced concrete and masonry structure,

width = 80 fl (244 m)
length = 60 it {18.3 m)
height=10ft (3.0 m)

area=4,800 ' (446m’)
volume = 48,000 it (1,359m™)



13.2.2 Framing Plan

T XX

45p(@ 15 # (457 cm) = 60 ft (1828 cm)
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FIGURE 13.1: Framing Layout



13.3 DESIGN DATA

13.3.1 Material Properties

masonry: (hollow units, running bond) f,, = 1,500 psi (10.3 MPa)
mortar: type M

concrete: f, = 4,000 psi (27.6 MPa)

reinforcing steel: ASTM A615, grade 60, Fy = 60 ksi (414 MPa)



13.3.2 Design Loads

The following loads are computed from free field blast wave parameters. Refer to Chapter 3 for load
determination procedure.

Peak reflected overpressure, Pe= 3.4 psi (23.4 kPa)

e

Effective duration, tg= 0.09 5 :
Qﬂ]rlﬁ



13.3.3 Building Performance Requirements - Deformation Limits

For unreinforced masonry, the failure mode is based on tensile cracking. To avoid the resulting
catastrophic failure, the wall must remain elastic. Thus, p, = 1.0

For upgrade options a medium response is selected in accordance with Appendix 5.B.



13.4 EXISTING WALL EVALUATION

Walls are 10 ft (3,050 mm) high by 30 ft (9,150 mm) between supports, a 3 to 1 ratio. Therefore
the wall will be analyzed as a one way simply supported beam, spanning vertically between the grade

beam and the roof beam.

span, L= 10 ft, or 120 in (3,050 mm)

——§—_—|r

]
=l M
e
3 |5 8 in CMU
=l Bt =7625@
= (19.4 cm)

L

FIGURE 13.2: Wall Section

For an 8 inch nominal (203 mm) C.M.U wall with ungrouted cells, the following section properties
are based on a one inch (25.4 mm) width of wall:

actal thickness, e = 7625 in {192 mm)

area, Ao =418 in® (2,697 mm®)
moment of inertia, I, =30.3 in* (12,612,000 mm*)

(NCMA, Table 1b)
{NCMA, Table 1b)



13.4.1 Compute Required Resistance

for dvnamic flexore, {Appendin 5.A)
féen = (SIFWDIF )} foo = (1OW 1. 191,500 pai) = 1,783 psi  (12.3 MPa)

maodulus of elasticity, ACT 530, Section 1.8.2.2.1)
Feo = 900 fa = 900 (1,785 psi) = 1,606,500 psi (11,076 MPa)

effactive stiffness, : {Table 6.1}
K. =384ExI;/5L°

= 384(1,606.5 ksi }{30.3 in*} / 5{120 in)*

=206 k'm (0378 kMN/mm)

unit stiffness,
Eo= (2,160 bin) /{12000 span 1 in width) = I8 psifin (4.9 kPa‘mim)

weight of block wall,

weipht = {density KAL)
= (0.144 kef)4.18 in” / 144)(10 f)
= 00418 kips (0186 KN}

wall mass
M =weight / g
= {00418 kips) / (386 indsy
= 0.000108 k-5"/in {0.00001 89 kMN-5"/mm)

unit wall mass,
M = {0108 Ib-s*in) / (120 in span}(1 in width)
=}, 0009 psi-*fin  (0.00024 kPa-s"/mm)

becanse of the limited allowable response, use elastic values for Ky
Koy = 0.5/ 064 = .78 {Table 6.1}

equivalent mass,
M, = (KM}
= 0.78 (0.0009 psi-s>in)
= 0.000702 psi-s/in  (0.000019 kPa-5"/mim)

natural period: {Equation 6.8)
=21 M. /K =21 ».ﬁi}.{hnﬂ?ﬂzpsi-s’s‘in}.*{l?.psl.-'m 0.039 5

duration-period ratio,
T= g = (0,09 5) /(0039 5) = 23

resislance ratio, let g = n, = 1.0 {(Equation 6.11})

M u-ny | 2001, e0)-1)23

F./R :
R w2t 07} w23 2LON234+0T)

052

raquired resistance, with Fa = Pr
Ry=P, /052 = (34 psi) /032 = 6.5 psi (45 kPa)

Required resistance for rebound: Because of the symmetry of the wall system, the rebound resistance
case will not control and is not included in this example.



13.4.2 Available Flexural Capacity

For unreinforced masonry, flexure is based on the cracking strength of the masonry.
modulus of rupture, ;= 63 psi (434 kPa) {ACI 530, Table 3.1.8.2.1)

weight of wall above mid-point,
weight = (0348 psip 120 in height 2W1 in width) =208 b (93 k)

cracking moment,
Mg = (f+ weight/ Ag) I,/ 0.5 (1)
[63 psi +(20.9 )/ (4.18 in"}] (30.3in*)/ 0.5(7.625 in)
= 540 [b-in (61,012 N-mm)

resistancs al cracking morent, (Table 6.1)
Re= 8 M, /L =8 (340 Th=in) / (120 in} = 361k (160 M)

il resistance,
By = (36 Ib) /{120 in span) ] in width) = 0.3 psi (2.1 kPa)



13.4.3 Available Shear Capacity

fior dynamic shear, (Appendix 5.A)
P = {SIFWDIF} fo = (1LON 1.OWE500 psi) = 1500 psi  {10.3 MPa)

factorad axial load,
Po=12 (weight)=12{209b)=251k (lI2N)

nominal shear capacity, {ACT 530, Saction 3.2.4)
V= 38 An ffw = 38 (418in%) 1,500 psi =615 (2,736 N)
Var = 300 Aq = 300 (4.18in")= 1,254 b (5,578 N)
Vg = 56 A+ 045 Py= 56 (4180} + 0.45 (251 Ih)= 245 b (1,090 N)
Ve =least of Vg, Ve, Vaa = 245 b (1,090 N}
the critical section for shear is 1 from the support,
Fe =VoL/{05L-te)
= (245 Ibp( 120 in) / [0.5 (120 in) - (7.625 in)]
=561 b (2495 M)

unit resistance,
Ba= (361 b}/ {120in span)(1 in width) = 4.68 psi  (32.3 kPa}



13.4.4 Available Resistance

Because Ry, <R, bending controls and R, = Ry = 0.3 psi (2.1 kPa)

The existing wall only provides 5% of'the required resistance for the specified blast loads. For
adequate resistance, the existing wall must either be strengthened with steel reinforcement, or a new
wall must be added next to the existing wall.

For this example, three options are feasible:

Option #1: Add reinforcing steel and fill wall cavities solid with concrete.
Option #2: Add new reinforced concrete wall exterior to the existing wall.
Option #3: Add a new girt/steel cladding system exterior to the existing wall.

The first two options will be discussed below. The concept of Option #3 is illustrated in Figure
10.14, and the analysis and design procedure is detailed in Chapter 12.



13.5 OPTION #1: REINFORCE EXISTING WALL

In this upgrade option, longitudinal #4 rebars are provided at 8 in (203 mm) on center and the wall
cavities are filled solid with concrete.

For an 8 inch nominal (203 mm) C.M.U. wall with fully grouted cells, the following section
properties are based on a one inch (25 mm) width of wall:
actual thickness, L, = 7.625 in (194 mm)

area, A= 7625 in’ (4,919 mm’) (NCMA, Table 1h)
maoment of inertia, 1 = 36.9 in* (13,358,940 mim*) (RCM A, Table 1h)

#4, rebar area = 0.204n° {129 mm®)
rebar spacing = 8 in (203 nun)



13.5.1 Calculate Bending Resistance

for dvnamic flexore, {(Appendix 5.A)
Fa = (SIF) (DIF) Fy = (LIN1. 1760 ksi) = 772 ksi (532 MPa)
Py = (SIFUDIF) fo = (LOWEI9W1.5 ksi) = LT85 ksi {12.3 MFa)

fior the nominal design width.,

Ag = (020 in")1 in unit width)/ (8 in bar spacing) = 0.025 in®  (16.1 mn’)

A = Ay (Fy) /0.8 (Fam W) {ACI 530, Equation 3-28)
= (0.025 in“}77.2 ksi) / (0.8)(1.785 ksi)(1 in)
= 1.35in (343 mim)

fior bending tension on either face,
d=t,/2=(7625in)/ 2= 381 in {97 mm)

My = Aq (fay)[d - da'2] (ACIT 530, Equation 3-27)
< (025 in®77.2 ksi) [(3.81 in}- (1.35 in) / 2]
= 6.05k-in (684 KN-mm)
M, is greater than 1.3 Ma, OK (ACT 530, Section 3.3.4.2.2.2)
Ry = 8 M, /L= 8 (6.05 kin) / (120 in) = 0.40 kips (1.78 kN) (Table 6.1}

witil Fesistance,
Re = (400 Ib)/ (120 in span}{ 1 in width) = 333 psi  {23.0 kPa)



13.5.2 Calculate Shear Resistance

for dvnamic shear, {Appendin 5.A)
Fam = (SIF WDIF} £ = (1.OW1.0W1.500 ksi) = 1.5 ksi  (10.3 MPa)

Vo= 4A, Jfa {ACI 330, Section 3.3.4.1.2)
= 4(7.625 in") /1,500 psi/ 1,000
= I8 kips (5.25kN)

the critical section for sheat i8 L. from the support,
R, = VoL (0OS5L-1y)
(LEB kipa){ 120 in) / [0.5 {120 in) - (7.625 in)]
=271h (12 kN)

unil resisiance,
Bo= (2,700 Ib)/ (120 inspan) [ in width) = 22.5 psi (153 kPa)



13.5.3 Resistance & Permissible Response
because Ry <R, bending controls
R, =Ry, =3.33 psi(23.0 kPa)

allowable ductility ratio, p, = not applicable

allowable support rotation, 8, = 2.0°

(Table 5.B.3)

{Table 5.B.3)



13.5.4 Compute SDOF Equivalent System

masonry modulus of elasticity, {ACT 530, Section 1.8.2.2.1)
Ea = 900 o = 900 (1,785 psi) = 1,606,500 psi (11,076 MPa)

rebar modulus of elasticity, (ACT 530, Section 1.8.2.1)
E, = 29,000,000 psi (200,000 MFa)

il gatio,
= E, ! Eg= (29,000,000 psi) / { 1,606,500 psi) = 18.05

transformead rebar aren,
n A, = (180500025 in’)= 0.45 in® (290 mm®)

Tocation of transformed neutral axis,

- iAok an A (A o 2hd
d - A0 A )

b
_ -045in® +,/0.45in° (0.45in° +2(1in}3.81in))
lin
= 1 46in (37.1 mm)

cracked moment of inertia,

Tee = b (cha) /3 + 1A (d - da)’
= {Lin} 146 int! 3 +{0.45 in®W3.81 in - 146 in)*
=3.5in* (1,500,000 mm)

averaged moment of inertia,
L =(+1)/2=(369in* +35in" 2 =202 n* (8400,000 mm*)

effactive stiffness,

K, =384E,L/5L? _ {Table a1}
= %84 (16065 ksi}(20.2 in*) / (120 in)*
= 144 kin (025 KN/mm)

unit stiffhess,
K, = (1,440 Ibin) /{120 in span ) | in width) = 12.0 psifin (326 kPa‘/mm)

beam mass,

M = (wall weight) / g
< (0,144 ke 0.64 £t thick 0,083 1 unit width)( 10 ft span)/ (386 in's®)
= 0.000198 k-s"fin (0.0000347 kN-e:j.-“mm}

unil beam mass
M o= {0198 b5 .-"m]l-a'{lzﬂ in spani | in width)
= LODEGS psi-svin ((LOOD448 kPa—sI.-'rmn}

Because of the expected response, use an averags of values for Koy
elastic Ky =0.5 /064 = 0.78 (Table 6.1}
plastic K= 0.33 /0.5 = 0.66

average Koy = (0.78 +0.66) /2= 0.72
equivalent mass,
M. = (Kuu (M)

= (0. 72)0(0.00165 psi-s*/in)

= 0.001 188 psi-s/in  (0.000322 KPa-s"/mum)

period of vibration, (Equation 6.8}
=27 JIMJK,) =2 oJ[0.001 188 psi- i) / (12,0 psi/in) = 0.063 s




13.5.5 Chart Solution

ta/ t, = (D.095) /(0.063 5) = 1.4
Ro/F,=(3.33 psi)/ (34 psi)= 1.0

using the chart: pg = 2.1 {(Figute 6.6)
elastic deflection, y = Ry /Ko = (3.33 psi) / (12.0 psifin) = .28 in (7.1 mmj)
maxirum deflection, Y, = (HgWy) = (2. I1N0.28in) = 0.5% in (15 mm)

I T Support rotati on, (Figure 5.9)
By = arctan (vy, / 031 = arctan [{0.59 in) /(05N 120 in)] = 0.56° < 2.0°, OK



13.6 OPTION #2: NEW REINFORCED CONCRETE WALL

A new reinforced concrete wall has been determined to be a constructible solution to provide the
required blast resistance. The new wall is simply supported at top and bottom.

span, L= 10 feet or 120 in (3,048 mm) from foundation to base of extended roof slab

use a nominal design width, b = 1.0 ft or 12 in (305 mm)

try:
8 inch concrete wall (203 mm)

#5 (@ 16 n (406 mm) at center of wall, vertical
#4 (@ 12 n (305 mm) at center of wall, horizontal

#5,AS = 0.31 in? (200 mm?)



13.6.1 Compute Bending Resistance

for dynamic flexore, {Appendix 5.A)
Fay = (SIF) (DIF} Fy = (LIM L 17H60 ksi) = 772 ksi (532 MPa)
fs = (SIF} (DIF) £, ={LOW1.19W4 ksi) = 4. 76 ksi (32.8 MPa)

for the nominal design width,
A= (03112 in/f )16 in bar spacing) = 0.23 in® (148 mm?)

des = Aq (Fay)/ 0.85 (e }b) {MacGregor, Equation 4-)
“ (0.23 itf)(77.2 ksi) / (0.85)4.76 ksi}12 in)
= 037 in (9.4 mm)

for bending tension on either face,
d=1./2=40in (102 mm)

Jr J4.760 psi

Avma =3 % )= 3 0B s ind 0 in) (ACI 318, Section 10.5.1)
F, 77.200psi
=013 i’ (84 mm’) < A, OK

Agman = 200(bYdNFe, = 200(12 )40 in)(77,200psi)  (ACI 318, Section 10.5.1)
«0.12 in" (77 mm”) < A, OK

M, = A, (Fa)[d- ds'2] (MacGregor, Equation 4-10a)
= (0,23 in“)}77.2 ksi) [(4.0in) - (0.37 in) / 2]
= 677 k-in (7,650 kKMN-mm)

Re=8 My /L =8 (67.7 k-in) / (120 in) = 4.51 kips (20.1 kN) (Table 6.1)

unil resistance,
Ee= (4,510 Ib) / (120 inspan){ 12 in width) = 3.13 psi  (21.6)Pa)



13.6.2 Compute Shear Resistance

for dynamic shear, {Appendix 5.A)
e = (SIF) (DIF) e ={L.ON1.0W4 ksi) = 4.0 ksi  (27.6 MPa)

Ve =2 T bd {ACI 318, Equation 11-3)
2 J{4.000psi) (12in)4.0in)
= 6,072 Ib (27.0 kN)

the critical section for shear is d from the support, (ACI 318, Section 11.1.3.1)
Re = VaL/(0O5L-d)

“ (6,072 ThK120 in) / [0.5 (120 in) - (4.0 in)]

= 13011 b {(57.9kN)

unit resistance,
Ra= (13,0010 Ib)/ (1200in span 12 i width) =903 psi (623 kPa)



13.6.3 Resistance & Permissible Response
because Ry <R, bending controls
R, =Ry, =3.13 psi(21.6 kPa)

allowable ductility ratio, pa = not applicable

allowable support rotation, 8, = 2.0°

(Table 5.B.3)

{Tahble 5.B.3)



13.6.4 Compute SDOF Equivalent System

gross moment of inertia, )

I;= by 12= (12 in}8inp* /12 =512 in* (213,110,000 mm®)

conerete modulous of elasticity, (basad on flexure ) (ACI 318, Section 8.5.1)
Ec= 57,000 Jre= 57,000 /4,000 psi = 3,605,000 psi (24,900 MPa)

rebar modulus of elasticity, (ACT 318, Section 8.5.2)
Es = 29,000,000 psi (200,000 MPa)

modular ratio,
no= ! e = 29,000,000 psi) /(3,605,000 psi) = 8.04

transformead rebar area,
fnAs = (8.04)(0.23 in"} = LES in® (1,194 mm")

location of transformead neutral axis,

- =nds tyn A nds o+ 2hd)

' b

-1.85in" 4 .JI.ES in? (1.85in? + 2{12in){4.0 in))

12in

dm &

=097 in (25 mm)

cracked moment of inertia,

Le =bi{da)’3 +n A, (d - du)
« (12 in)0.97 in)’ / 3 + (1.835 in" W40 in - 0.97 in)*
=206 in* (8,574,000 mm*)

averaged moment of inertia,
I, =+ I}/ 2=(512in* + 206 in*) 2 = 266 in* (110,700,000 mm®)

effactive stiffhess,

Ke =3ME.L/5L (Table 6.1}
= 384 (3,605 ksi)(266 in*) / 5120 in)’
=426 kin (7.46 KN/mm)

unit st finess,
Ke= (42,600 Ihin) /(120 in span) 12 inwidth) = 29.6 psi‘in (8.03 kPa'mm)

beam mass,

M = {wall weight) /g
= (0.15 kef}0.67 fi thick)(1.0 ft unit width)(10 ft span)/ (386 in's")
- 0.0026 k-s*fin  (0.000455 kN-s"/mm)

unit bearm mass,
M= (2.6 Th-s7in) (120 in span) 12 in width)
= 0018 p-si.-al.-"tn (000049 kPa—z;z.-'m}

Because of the expected response, nse an avemgs of values For Ky
elastic Ko = 0.5/ 064 = 078 {Table 6.1}

plastic Kow = 0.33 /0.5 = 0.66
averape Kpg = (0.78 +0.66) /2 = 0,72

equivalent mass, )
M. = (Kus(M) = (0.72)(0.0018 psi-s™/in) = 0.0013 p&i—ﬁi.-'in {0.00035 kPa-s™/mum)

period of vibration, (Equation 6.8}
to =270 JIM_K,) =2 1 oJ(0.0013 psi -s*fini) { (29.6 psifin) = 0.042 s




13.6.5 Chart Solution

La /1o = (00 5) / (0042 5} = 2.1
Ro/F,= (3.13 psi) / (3.4 pai) = 0.92

using the chart: pg= 3.4 (Figure 6.6)
elastic deflection, y=R,, / K, = (3.13 psi) / (29.6 psi/in) = 0.11 in (2.8 nm)

maximum deflection, y,, = (Lg)(y) = (3.4)(0.11 n) = 0.37 in (9.4 mm)

thaxirrrm support rotation, (Figure 5.9)
B = arctan (ve ! 051} = arctan [(0.37 in) H(OSW 1200n0)] =035 <2° OK

An illustration of this option is presented in Figure 10.13.



13.7 CONCLUSION

The analysis of the existing masonry wall revealed that the wall only provides a small percentage of
the required resistance for the specified blast. Due to the symmetry of the wall and the reinforcement
(for the upgrade system), the analysis for the rebound blast loads was not required.

A complete analysis of the walls will need to include the evaluation of the existing connection of the
wall to the grade beam and roof. The evaluation may reveal that the connections are inadequate for
the specified loads, thus a corrective procedure should be specified. For Option #1 where
reinforcement is added to the existing wall, dowels should be specified and embedded i the
masonry and the concrete beams. Alternatively continuous steel angles can be used to connect the
walls to the roof'and grade beam. This approach can also be applied to Option #2. However, if new
concrete walls are added next to the existing wall, the wall can be directly bolted to the grade beam
and roof’beam (refer to Figure 10-13). In this case, the bolts should be checked for rebound pullout
forces.

In this example, retrofit Option #1 is likely to be the most cost effective upgrade because of the
minimal usage of new materials and formwork. This option might not be feasible due to existing
obstructions, or due to extensive alterations required to achieve the proposed reinforcement scheme.
If Option #1 is not practical or feasible, one ofthe other options may be used. The cost differential
between the options should be minimal.



NOMENCLATURE

= acceleration

= horizontal acceleration

= vertical acceleration

= rotational acceleration

= bearing area

= pedestal area

= nominal bolt area

= gross arca

= nominal area

= net section area

= area of prestressed reinforcing in tension zone

= area of steel

= shear area of steel

= weld area

= member width

= flange width

= building height

= building length



B = plate width

p
By = building width
BL = blast load
c = impulse factor for a decaying shock wave
Cq = distance from center to edge of element
Ch = horizontal weld eccentricity
Cy = vertical weld eccentricity
C = viscous damping constant
Cq = drag coefficient
C. = side wall reduction factor
Cr = loading reaction coefficient
C, = reflection coeflicient
Cr = resistance reaction coefficient
Cy = shear coefficient
d = depth
d, = bolt diameter
dy, = hole diameter
d,, = depth to neutral axis
d, = depth to center of prestressing steel

dgy, = depth of concrete stress block



DL = dead load

E = modulus of elasticity

E. = modulus of elasticity of concrete
E, = modulus of elasticity of masonry
E, = modulus of elasticity of steel

f = frequency of vibration

f = concrete stress

£, = concrete strength

f; = compression stress

fac = dynamic concrete strength

£4m = dynamic masonry strength

£, = masonry strength

fys = calculated stress in prestressing steel at design load
f; = modulus of rupture

o f01> f,» = shear stress
F = blast force

F,..F; = blast force

F = flexural buckling stress

Fc = compression force



FS

= steel dynamic ultimate strength

= dynamic design stress

= steel dynamic yield strength

= equivalent force

= elastic critical buckling stress

= weld electrode strength

= horizontal dynamic force

= nominal bolt tension strength

= nominal bolt shear strength

= peak blast force

= reflection load

= static load

= stagnation load

= tension force

= steel ultimate strength

= vertical dynamic force

= weld strength

= steel yield strength

= rotational dynamic force

= factor of safety



gb

= acceleration of gravity

= bolt gage

= shear modulus

= height

= polar moment of inertia

= time step number
= moment of inertia

= averaged moment of inertia

= nondimensionalized impulse

= cracked moment of inertia

= gross moment of inertia

= positive phase impulse

= negative phase impulse

= equivalent triangular impulse

= moment of inertia about X axis

= moment of inertia about Y axis

= (subscript) in-plane deformations

= shear width-thickness coeflicient

= stiffhess



KE

KEY

= coefficient of active soil pressure

= equivalent, or effective stiffhess

= elastic-plastic stiffhess

= horizontal soil stifiness

= load or stiffhess transformation factor

= load-mass transformation factor

= mass transformation factor

= coeflicient of passive soil pressure

= vertical soil stifihess

= effective length factor for X axis

= effective length factor for Y axis

= rotational solil stifthess

= kinetic energy

= response indicator

= length

= length of surface parallel to traveling blast wave

= clear distance

= horizontal weld length

= limiting unbraced length for plastic design



ny

= spacing

= vertical weld length

= blast wave length

= unbraced length in X axis

= unbraced length in Y axis

= live load

= baseplate design dimension

= mass

= foundation moment

= midspan moment

= cracking moment

= equivalent mass

= plastic moment

= moment capacity at support

= moment capacity at midspan

= yield moment

= mass moment of inertia

= modular ratio
= baseplate design dimension

= baseplate design dimension



n,, = horizontal weld center

N = number of structural elements
N, = plate length

Ny = in-plane capacity of element
N’y = ultimate applied in-plane load
oM = overturning moment

op = (subscript) out-of-plane deformations
P = pressure

P,..Ps = vertical static load on foundation
P, = vertical static load on foundation
P, = vertical static load on foundation
P, = effective side-on overpressure
P, = rear face overpressure

P, = permissible compression

Ppar = nondimensionalized pressure

P.. = nominal compression capacity
P = nominal tension capacity

P, = ambient atmospheric pressure

P, = available strength



SO

SO

Qo

Qu

= peak reflected overpressure

= stagnation pressure

= peak side-on overpressure

= negative peak side-on overpressure

= permissible tension

= factored axial load

= bearing pressure

= peak dynamic pressure

= shear capacity of element

= ultimate applied shear load

= radius of gyration about X axis

= radius of gyration about Y axis

= resistance

= axial component of battered pile

= bending resistance

= negative bending resistance

= equivalent resistance

= lateral load component of battered pile

= maximum resistance



RM AX

Rvin

R,

SE

= maximum axial pile load

= minimum axial pile load

= nominal resistance

= shear resistance

= ultimate resistance

= rebound resistance

= yield resistance

= resisting moment

= clearing distance

= section modulus about X axis

= strain energy

= time

= time of arrival

= clearing time

= positive phase duration

= negative phase duration

= equivalent duration

= flange thickness

= time of maximum response

= natural period



= total positive phase duration

t = plate thickness

t. = rise time

ty = web thickness

U = shock front velocity

\% = velocity

A% = dynamic reaction
V,..Vy  =lateral load on foundation
\' = fixed end reaction

\'A = nominal shear

Vo = pinned end reaction
\'A = ultimate shear

Wy = reinforcement index

W = width

X = baseplate design factor
X, = allowable sidesway

X = elastic sidesway

Xm = maximum sidesway



Ya

Ye

Ye-

Yep

Yu

Ym

Ym-

YSt

Yv

Yo

o

0

= deflection

= dead load deflection

= yield deflection

= rebound yield deflection

= elastic-plastic deflection

= horizontal deflection

= maximum deflection

= maximum rebound deflection

= plastic deflection

= static deflection

= vertical deflection

= rotational deflection

= calculation case indicator

= plastic modulus about X axis

= angle of incidence

= angle

= angle

= allowable deformation (ductility ratio or support rotation)

= computed deformation (ductility ratio or support rotation)



= flexural deflection

= shear deflection

= maximum strain

= concrete strain

= steel strain

= ultimate concrete strain

= steel yield strain

= strength reduction factor

= curvature, or deflected shape

= soil density

= roughness coeflicient

= baseplate design factor

= compression slenderness factor

= flange slenderness factor

= limiting plastic slenderness factor

= limiting seismic plastic slenderness factor

= shear slenderness factor

= web slenderness factor

= ductility ratio



[T = allowable ductility ratio

[V = demand ductility ratio

Ky = demand rebound ductility ratio
g = friction coeflicient

A% = poisson’s ratio

0 = rotation, or hinge rotation

0, = allowable support rotation

04 = demand support rotation

0, = support rotation

0, = mid-span rotation

p = tension reinforcing ratio

T = ratio of load duration to natural period (t4/t,)



GLOSSARY
Angle of Incidence - The angle between the direction of the blast wave movement and a flat
surface.

Blast Wave - A transient change in the gas density, pressure, and velocity of the air surrounding an
explosion.

BLEVE - Boiling Liquid Expanding Vapor Explosion
BRM - Blast Resistant Modular
CFD - Computational Fluid Dynamics

Conventional Loads - Load normally considered in structural design such as dead loads, live loads,
wind loads, and seismic loads.

Deflagration - A propagating chemical reaction of a substance in which the reaction front advances
mto the unreacted substance rapidly but at less than sonic velocity.

Detonation - A propagating chemical reaction of a substance in which the reaction front advances
mto the unreacted substance at or greater than sonic velocity.

Ductility Ratio - A measure of the energy absorbing capacity of a structural member. The ratio is
computed by dividing the element’s maximum deformation by the yield deformation.

Duration - The time from initial change in pressure to return to ambient pressure.

Dynamic Increase Factor (DIF) - The ratio of dynamic to static strength which is used to compute
the effect of a rapidly applied load to the strength of a structural element.

Dynamic Reactions - The support reaction of a structural component due to the dynamic blast
loading, taking into account inertia effects.

Elastic Region - The deformation range from zero up to the formation of the first plastic hinge.

Elasto-Plastic Region - The deformation range from formation of'the first plastic hinge up to
formation of the final plastic hinge (i.e. ultimate capacity).

FEA - Finite Element Analysis
Flammable Range - The range of mixture of fuel and air that will support flame propagation.

Free Field - Air or ground blast waves which are unimpeded by obstructions in the path of the
wave.

Hinge Rotation - A measure of the energy absorbing capacity of a structural member. This is the
angle of deformation at a plastic hinge.



Impulse - The integrated area under the overpressure time curve.
Inelastic - Beyond the elastic response range.

Incident Side-On Overpressure - Initial peak pressure rise, above ambient, produced by a shock
wave or pressure wave as felt by a flat surface oriented parallel to the direction of wave propagation.

Incipent Failure - The level of deformation where collapse can be expected to occur.

Linear - A response limited to the elastic range.

Lower Flammable Limit - The lowest mixture of fuel in air that will support flame propagation.
MDOF - Multi-Degree of Freedom

Negative Phase - The portion of the pressure-time history typically following the positive
(overpressure) phase in which the pressure is below ambient pressure (suction).

Neutral Risk - The idea where a person inside a building should not be at greater risk of injury than
another person just outside.

Nonlinear - A response which includes the elastic-plastic and/or plastic ranges.

OSHA - Occupational Safety Hazards Act (or Administration)

Overpressure - Pressure rise above ambient produced by a shock wave or pressure wave.
Plastic Region - The deformation range from ultimate capacity up to failure of the element.

Positive Phase - The portion of the pressure time history in which the pressure is above ambient
pressure.

Pressure Wave - A blast wave that produces a gradual rise in pressure.

Rebound - The deformation in the direction opposing the initial blast pressure. This occurs after a
component has reached a peak deformation and returns toward its initial position.

Reflected Overpressure - The rise in pressure produced by a shock wave or pressure wave as
felt by a flat surface oriented perpendicular to the direction of wave propagation.

Resistance-Deflection Function - The value of the stress in a structural element as the
deformation is increased from zero through the elastic range, the elastic-plastic range, ultimate
capacity, and finally to failure of the element.

SDOF - Single Degree of Freedom.
Shockwave - A blast wave that produces a near instantaneous rise in pressure.

Side-on Pressure - The rise in pressure above ambient produced by a shock wave sweeping
unimpeded across any surface (walls or roof) not facing the blast source.



Sidesway - The lateral movement of a structure due to vertical or horizontal loads.

Strain Energy - The energy stored within a structural element deformed due to the application of
load. The value of strain energy is the area under the resistance-deflection function.

Strain Hardening - The observed increase in strength as a material is deformed well mto the plastic
range.

Strain Rate - The speed at which a material if deformed. The higher the strain rate, the higher the
observed material strength.

Strength Increase Factor (SIF) - The ratio of actual to nominal strength of a material. This factor
takes into account conservatism in the manufacturing process.

Support Rotation - A measure of the blast absorbing capacity of a structural element. This is the
same as hinge rotation except that the angle is computed at the member’s support location.

TNT - Trinitrotoluene, a high explosive used as the basis for many charts describing blast effects.

TNT Equivalent - The amount of TN'T which will produce similar effects as the actual amount of
explosive material under consideration. An equivalencd between two explosives can be determined
by equating the quantity of energy released or by relating observed levels of damage.

Ultimate Capacity - The load applied to a structural element as the final plastic hinge, or collapse
mechanism, is formed.

Ultimate Strength - A method of design in which structural members are proportioned by total
section capacities rather than by extreme fiber allowable stresses.

Upper Flammable Limit - The maximum mixture of fuel in air that will support flame propagation.
Volatile - A word describing a substance which evaporates quickly or is unstable.

VCE - Vapor Cloud Explosion
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